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Chapter 1: Introduction 
1.1 Overview 
Concrete walls have many advantages, particularly in seismic prone regions, and with the 
added benefits of prefabrication, precast concrete wall systems could be an excellent choice 
for designing earthquake resistant buildings. However, the application of precast systems in 
general are limited in seismic prone regions due to the lack of research information and 
constraints imposed by current design codes. This chapter discusses the lead up to the 
research of unbonded post-tensioned jointed precast concrete walls in seismic regions, 
including past performance of shear walls, benefits and limitations of precast concrete, as 
well as a brief overview of the PREcast Seismic Structural Systems (PRESSS) research 
program. 
1.2 Past Performance of Shear Walls in Seismic Events 
Shear walls have long been known for their triple function to support gravity loads, provide 
lateral resistance and function as a wall, along with their exceptional performance in seismic 
events [1.1]. Fintel, author of Shearwalls-An Answer for Seismic Resistance?, has 
investigated and reported on many earthquakes between 1960 and 1990 and reports being 
unaware of a single concrete building containing shear walls that has collapsed [1.2]. 
Although there were cases of cracking in various degrees, no lives are known to have been 
lost in such buildings. 
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In the 1960 Chile earthquake, registering a 9.5 on the Richter scale [1.3], the report states, 
" ... the Chilean experience confirms the efficiency of concrete shear walls in controlling 
structural and nonstructural damage in severe earthquakes. There were instances of cracking 
of shear walls, but this did not affect the overall performance ... the walls continued to 
function after damage had occurred ... " [1.2]. 
The epicenter of the 1963 earthquake in Skopje Yugoslavia was located directly under the 
city with a magnitude of 6.3 on the Richter scale [1.3]. Following the event unreinforced 
concrete walls were found to have no damage due to interstory drifts imposed by the 
earthquake, while several frame buildings collapsed and many were damaged severely [1.2]. 
For example, the 14-story Party Headquarters Building, which uses structural wall-frame 
interaction for lateral resistance, swayed significantly pushing desks from one end of the 
building to the other, but the building remained standing without any structural or non-
structural (i.e. broken windows) damage [1.3]. 
In the Caracas Venezuela earthquake of 1967, a Richter scale magnitude of 7.0 was recorded, 
with the epicenter located off the coast in the Caribbean Sea [1.3]. A primary example from 
this event is the Plaza One Building (Figure 1.1 ), the only building containing structural 
walls, which survived the event without any damage. Several frame buildings surrounding it 
collapsed while others experienced excessive damage [1.2]. According to Fintel, the most 
significant observation following this event was that buildings containing shear walls 
performed considerably better than buildings with flexible frames [1.3]. 
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Figure 1.116-story Plaza One building with structural walls that unscathed damage in the 
Caracas earthquake behind the remains of a collapsed ten-story concrete frame building [ 1.2] 
During the 1971 San Fernando California earthquake, having a magnitude of 6.8 on the 
Richter Scale [1.3], a six-story building (Figure 1.2) with shear walls located in an area of 
severe damage endured the event with minor cracks while an eight-story neighboring 
concrete frame structure (Figure 1.3) was damaged so severely that it was eventually 
demolished [1.2]. The resulting conclusion by Fintel was that shear wall-type structures show 
a superior response to earthquakes, compared with frame-type structures, by limiting the 
interstory drifts [ 1. 3]. 
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Figure 1.2 Six-story Indian Hill Medical Center [1.4] 
(a) (b) 
Figure 1.3 (a)View of Holy Cross Hospital, and (b)examples of damage to the building [1.4] 
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A similar case existed during the 1972 Managua Nicaragua earthquake, 6 on the Richter 
scale [1.3], where two buildings were located across the street from one another in an area of 
severe damage and thus subjected to the same intense earthquake. The first building, a 14-
story concrete framed structure, was demolished after enduring extreme damage caused by 
the earthquake, while the nearby second building, an 18-story structure containing concrete 
walls, suffered no structural or non-structural damage aside from one coupling beam that 
failed in shear [1.2]. The superior performance of the 18-story concrete wall structure in 
addition to the experience from past earthquakes began a movement towards changing the 
U.S. codes to incorporate shear wall buildings and shear wall-frame interactive systems into 
American seismic codes [ 1. 3]. 
In 1977 an earthquake measuring 7.2 on the Richter scale occurred 130 miles north of 
Bucharest Romania [1.3]. This event caused 35 buildings to collapse, while hundreds of 
buildings containing concrete wall systems withstood the earthquake, the majority with no 
damage [1.2]. Similarly, in the 1985 Mexico City earthquakes (measuring 8.1 and 7.5 on the 
Richter scale and located 250 miles from the epicenter [1.3]) 280 buildings collapsed and in 
the 1988 Armenia earthquake (measuring 6.9 on the Richter scale and located near the city 
Spitak [1.3]) 72 buildings collapsed and 149 buildings were severely damaged, none of 
which contained structural walls [1.2]. However, 21 buildings containing shear walls have 
been reported to have experienced the earthquake undamaged in the Armenian earthquake. 
In the 1985 Chile earthquake very little damage was evidenced even though the magnitude of 
the event was similar to that of the Mexico City earthquake. Fintel attributed the relatively 
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low damage to the common practice of using concrete shear walls to control drift in Chile, 
and suggested that the use of structural walls could minimize the damage to structures during 
a seismic event [ 1.2]. 
The observations summarized above from several earthquakes demonstrate the exceptional 
performance of buildings with shear walls in seismic regions. For this reason, Fintel believes 
that controlling damage to concrete buildings in severe earthquakes is difficult without 
incorporating structural walls and that it is the responsibility of the engineering profession to 
ensure that at least residential buildings in seismic regions are constructed using structural 
walls [1.2]. 
1.3 Benefits of Precast Walls 
The use of precast concrete in the construction of structures is beneficial in many ways. Since 
precast concrete is cast in a factory-like setting, the quality of construction is much higher 
than cast-in-place construction in which the concrete is cast at the job site. This is primarily 
attributed to the controlled setting in which the construction and quality control takes place. 
The setting also increases the ability of the casters to accurately follow the design 
specifications with a supervisor present, who is more readily available than an on-site 
inspector may be, to assist with quality control. The manufacturing process used for precast 
concrete also makes prestressing and placement of post-tensioning ducts more convenient. 
The equipment necessary for prestressing in precast plants is already set up for this type of 
operation to be performed easily and accurately while placement of the post-tensioning ducts 
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is further simplified by casting walls horizontally and due to the improved quality in the 
construction of the reinforcement cage. 
Another more obvious advantage of precast concrete is the reduction in site formwork and 
site labor, caused by off-site pouring, which in turn increases the speed of on-site 
construction. Also, the availability of cranes with increased capacity, new construction 
techniques and off-site fabrication has made it easy for contractors to adapt to precast 
construction [1.5]. There are also many less obvious advantages such as a decrease in traffic 
congestion, air pollution and noise pollution [1.6]. Traffic is reduced near the job site due to 
the decrease in required concrete trucks and construction workers. This, and reduced traffic 
congestion, reduce the air and noise pollution at the construction site. 
Precast construction has also been described as the building process of the future [ 1. 7]. This 
is because (1) the materials are relatively inexpensive, (2) the method of construction, 
involving factory manufacture of components and rapid construction, lends itself to 
innovation in design and construction, and (3) advanced technology including robotics and 
use of computer aided manufacture will lead to more efficient construction and erection 
procedures, ultimately reducing building costs. 
1.4 Limitations of Precast Concrete in Seismic Regions 
There are several limitations that lead many designers to consider precast concrete as inferior 
to cast-in-place concrete in seismic regions, and thus discard it as a possible design option. 
The primary limitation originates from the poor performance of precast concrete structures in 
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past se1sm1c events. This includes poor performance of many framed structures in 
earthquakes due to deficient connection details [1.5, 1.11]. For example, several precast 
structures in the 1988 Armenian earthquake performed poorly. Although most of the poor 
performance of precast structures was attributed to substandard materials and construction 
practices and insufficient connection details [1.7]. It is conceivable that the poor 
performance of these structures has contributed towards decreasing designers' confidence in 
the precast construction practice. 
There is also a lack of design procedures and engineers with seismic design experience in 
precast concrete. For example, the ACI 318 standard, through its 1999 edition, does not 
contain seismic design provisions for precast concrete, but does allow a precast structure that 
is equivalent to a monolithic concrete structure [1.8]. Similarly, in the most recent edition, 
ACI 318-02 [1.9], emulation is required by section 21.8, but special precast systems are 
permitted with the penalty of requiring experimental verification. 
The current precast design provision requiring engineers to use reinforced concrete emulation 
abandons the advantages of the strengths, differences and unique properties of precast 
construction [1.7, 1.13]. Following past earthquakes, it has been observed that under large 
lateral displacements significant damage occurred in precast concrete walls that were 
designed using cast-in-place concrete emulation [l.10]. These incidence could have been 
likely due to use of poor connection details. However, they contribute towards designers 
developing uncertainties about the seismic performance of precast concrete structures. 
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Therefore, for precast concrete to be accepted as a practical option a reliable seismic design 
procedure must be developed. Economical and effective means have been under investigation 
for joining precast concrete elements together to resist seismic actions [1.7], along with 
establishing design and construction techniques, and promoting confidence in the use of 
precast concrete as an option for seismic design around the world. 
1.5 Unbonded Precast Wall Systems 
In considering the exceptional performance of structural walls in past earthquakes (Section 
1.2), the benefits of precast concrete (Section 1.3) and the limitations that must be overcome 
(Section 1.4), the PREcast Seismic Structural Systems (PRESSS) research program was 
initiated in the United States in the early 1990s. This program envisioned to fulfill two 
primary objectives: (1) To develop comprehensive and rational design recommendations 
based on fundamental and basic research data which will emphasize the viability of precast 
construction in the various seismic zones, and (2) To develop new materials, concepts and 
technologies for precast construction in the various seismic zones [1.7]. 
A concept development workshop was held in April 1991 to obtain input from precast 
concrete producers, design engineers and contractors on the concept developments and 
connection classification projects of PRES SS [ 1.12]. A 6-story hotel with a structural wall 
system was one of the design concepts discussed at the workshop. The structural wall 
concept was split into two designs: the reinforcing bar structural wall system and the post-
tensioned structural wall system. The reinforcing bar structural wall system consists of one-
story panels connected at each floor with welded or sleeved reinforcing bars which resist 
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overturning and panel-to-panel structural forces. The post-tensioned structural wall system, 
the system selected for the PRES SS test building [ 1.12, 1.14, 1.15] and the focus of the 
research presented herein, also consists of one-story panels stacked on top of one another, but 
uses vertical unbonded post-tensioning through the panels. 
Upon completion of the concept development workshop and various testing and analytical 
models in the first two phases, a 60% scale five-story precast test building was designed, 
built and tested for seismic resistance at the University of California at San Diego (UCSD) in 
Phase III of the PRES SS program. Through tests of this large-scale building, the goal of the 
PRESSS researchers were to meet the following four objectives: (1) Validate a rational 
design procedure for precast seismic structural systems, (2) Provide acceptance of 
prestressing/post-tensioning of precast seismic systems, (3) Provide experimental proof of 
overall building performance under seismic excitation, and ( 4) Establish a consistent set of 
design recommendations for precast seismic structural systems [ 1.13]. 
The test building consisted of two types of systems. In one direction, the frame direction, the 
building consisted of four different seismic frame systems, while a jointed precast wall 
system was used in the perpendicular direction [l.13] (Figures 1.4, 1.5 and 1.6). The jointed 
structural wall selected was based on the post-tensioned structural wall system. The wall 
consisted of a total of 4 panels, each 2 Yi stories tall (18. 75-ft) by 9-ft wide by 8-in thick 
(Figures 1.5 and 1.6). The panels were joined vertically to form two walls separated by a 
small gap. Each wall was secured to the foundation using four unbonded post-tensioning 
bars. They were then connected horizontally by 20 U-shaped flexural plates (also referred to 
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as U-plates and UFP connectors, see Figure 1.7) placed along the vertical joint between the 
panels (Figure 1.5). 
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Figure 1.4 Floor plans of the PRES SS test building [1.15] 
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Figure 1.5 Elevation view of the jointed wall system in the PRES SS test building [ 1.15] 
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Figure 1.6 The PRESSS building after erecting the wall system [1.14] 
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Figure 1.7 Connection details ofUFP connectors in the PRESSS building [1.15] 
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The vertical post-tensioning contributed to overturning moment resistance and also enabled 
transfer of shear forces between the panels and the foundation through a friction mechanism. 
The U-plates, which were selected for their ability to maintain their force capacity through 
large displacements, were used as vertical joint connectors as well as damping devices for the 
wall system that was achieved by flexural yielding of the plates [ 1.13]. 
In order to test the building, lateral forces and displacements were applied by two actuators 
connected to the floors at each level. With displacement control, this detail enabled the 
actuator loads at each level to be equally distributed to each bay. In order to test the building 
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for a series of earthquake levels it was decided to test the building in the wall direction first 
followed by the frame direction [ 1.15] using the different limit states recommended by the 
Structural Engineers Association of California (SEAOC) [l.16]. The four levels correlate 
with 33%, 50%, 100% and 150% of the design earthquake. The primary test method of the 
building was pseudodynamic testing, which used modified segments of recorded 
accelerograms to match the target spectra corresponding to 5% damping [ 1.14, 1.15]. The 
other two tests conducted included the stiffness measurement test and inverse triangular load 
test [ 1.15]. The inverse triangular load test, which exercised the building through a 
displacement profile similar to fundamental mode response, was generally applied at each of 
the four earthquake levels. 
The basic concept of the wall system is to allow the wall to rock at the base for a ground 
excitation of significant magnitude and return to its vertical position after the event has 
concluded. As depicted in Figure 1.8, forces (V 1 to V 5) applied to the floor levels by the 
actuators transmit inertia effects to the wall system, which, in turn, behaves similar to that 
expected during a seismic event. The overturning moment caused by these forces (V 1 to V 5) 
is resisted at the base by the tension force in the post-tensioning tendon CNctes), the 
compressive force in the concrete (Cctes) and the UFP force (Fsc) (Figure 1.8). At the 
conclusion of the event, the post-tensioning tendons will help the wall return to its initial 
position, resulting in minimal damage and little residual drift, leaving the structure prepared 
for the next seismic event. 
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During the PRESSS test it was observed that the wall direction response (Figure 1.9) 
exceeded the design expectations under the design level earthquake. The expected 
displacement at the roof level was 9-in, while the recorded peak displacement was 8% lower 
at 8.3-in [l.14]. When subjected to 150% of the design level event, the roof experienced a 
maximum displacement of 11.5-in with minimal damage to the wall, where spalling of some 
cover concrete occurred at the wall toes, requiring minor repair. As a result of the minor 
damage and low residual drift (0.06% ), it was clear that at 150% of the design level 
earthquake, the building had responded within the serviceability level of performance [ 1.14]. 
Cdes=Ndes+Fsc 
Figure 1.8 Forces acting on a jointed wall system, adopted from [ 1.16] 
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Upon the good response of the precast building system revealed in the testing of the PRES SS 
building, Stanton and Nakaki published a set of design recommendations for the precast 
systems incorporated in the PRESSS building [1.17]. The recommendations proposed for the 
wall system have not yet been validated using experimental results and will be addressed in 
detail in Section 2.5.2. 
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Figure 1.9 Overall response of wall direction [ 1.14] 
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1.6 Scope of Research 
The main objective of this thesis is to validate the design guidelines reported by Stanton and 
Nakaki [l.17]. The experimental data available to date for precast jointed systems are those 
collected during the wall direction testing of the five-story PRES SS test building. Hence, this 
data set has to be employed in the validation process. The validation of the experimental data 
was performed against two analytical procedures, one of which was based on the design 
guidelines proposed by PRESSS. In the validation process, overall moment response, post-
tensioning steel elongation and neutral axis depth are compared, and appropriate 
recommendations are suggested to improve the proposed PRESSS guidelines for the design 
of jointed wall systems. 
1. 7 Report Layout 
This report contains five chapters including the introduction presented in this chapter. The 
following chapter contains a literature review, which includes a brief summary of previous 
investigations on the analysis and design of precast seismic wall systems. This is followed by 
a chapter entitled Formulation of Validation Procedure. An analytical procedure developed to 
validate the PRESSS design guidelines and an alternative analysis procedure that may be 
used in design are presented in this chapter. Next, an experimental verification chapter 
compares results from the analytical models with the experimental data and concludes with 
recommendations to improve design guidelines proposed for jointed precast wall systems by 
Stanton and Nakaki [l.17]. Finally, the report closes with a final chapter, which contains an 
overview of the report, as well as conclusions of the research results and recommendations 
for future research. 
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Chapter 2: Literature Review 
2.1 Precast Seismic Wall Systems 
The use of shear walls as a system for resisting lateral forces has long been used, but until 
recently the use of precast wall systems in seismic regions has not been extensively 
researched. Many researchers have recently advocated the advantages of precast concrete 
walls, noting advantages when detailing them with unbonded post-tensioning. This includes 
improved performance of the wall system under seismic loading by reducing damage and 
residual displacement. In order to adopt these advantages the design methods and suitable 
analysis techniques for precast concrete wall systems must be established. In this chapter a 
literature review pertaining to the analysis and design of precast seismic wall systems is 
summarized. 
2.2 Precast Seismic Design Considerations 
The use of precast concrete in seismic regions is primarily hindered by the lack of established 
design concepts that can fully benefit the precast concrete technology and qualified precast 
designers. Considerations to improve the use of precast concrete in seismic regions and 
design issues at the conceptual level are addressed within this section. 
Englekirk [2.1] 
According to Englekirk the primary constraint facing the precast concrete industry is the 
requirement that it must comply with a technology developed for cast-in-place concrete 
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(emulation, discussed in Section 2.3). Therefore, the concrete industry must develop a 
seismic design technology that permits its intelligent use as a construction technique. 
Englekirk suggested that four questions must be considered to increase precast concrete use 
in seismic regions. They are: 
I. How must precast concrete buildings be erected if they are to be competitive? 
2. What precast concrete products are most versatile and competitive? 
3. What production techniques could be used to manufacture these precast concrete 
products? 
4. What connector concepts streamline production and erection? 
In order to address these questions the National Institute of Standards and Technology 
(NIST) developed a program which defined the major processes necessary for precast to be 
more successful in seismic regions. In response to the first question, it was concluded that 
there is a need for high rise precast concrete buildings whose seismic resistance should be 
provided entirely by ductile frames. Along with this, erection needs must be developed to 
mimic those of a structural steel frame. Essential elements for this procedure include: a two 
floor erection process, alignment capabilities and early integration of the final bracing 
system. In terms of product versatility, the use of rectangular components for beams and 
columns was strongly encouraged. In addition to this, prestressing was recommended to 
improve handling, control member deflection and to reduce cost. Addressing connector 
concept criteria, the following list was developed: avoid extensive welding and the associated 
embedment hardware, incorporate adequate tolerances, avoid large formed wet joints and 
design joints that minimize crane time. 
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In addition to the items necessary for precast to excel in se1sm1c regions, Englekirk 
investigated code restrictions for precast concrete shear walls in the United States. Englekirk 
discovered that due to the design criteria available in 1990 high rise construction of precast 
walls in seismic regions was not possible, and is still restricted today. The principal obstacles 
observed were: 
• A boundary element requirement for walls when: Pu +Mu ~ 0.2fc', which is always A S 
the case. Where, Pu is the factored axial load, Mu is the factored moment, A is the 
area of the wall, S is the section modulus of the wall and fc' is the concrete strength. 
• A requirement of two curtains of steel in walls when: vu ~ 2JI' 
Where, Vu is the factored shear stress and fc' is the concrete strength. 
Through investigation of overseas practice, Englekirk found that seismic design of precast 
concrete structures have been successfully completed particularly in Japan and New Zealand. 
Precast concrete construction has not only been used but also promoted in Japan. Japanese 
design criterion appears to accept a prescribed level of subassembly ductility as proof that 
sufficient building ductility exists. Therefore, Japanese contractors typically test full-scale 
subassemblies to a standard loading sequence to confirm that the component ductility is 
greater than that required by the design criteria. Alternatively, New Zealand requires certain 
precast concrete bracing systems to be designed to a higher yield (1.5 times) level than 
comparable cast-in-place systems. 
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The design criteria restrictions in the United States, along with the successful methods used 
in Japan and New Zealand, suggests that the United States precast concrete industry must 
promote a performance type design philosophy if it is at all interested in the structural system 
market in regions where seismicity is a consideration. 
2.3 Precast Concrete Emulation 
Current design codes generally require emulation when designing precast concrete structures. 
Emulation is defined as designing connections between precast elements such that the 
seismic performance of the precast structure is equivalent to that of a conventionally 
designed cast-in-place monolithic concrete structure. As discussed in Chapter 1, this design 
concept does not take advantage of the strengths, differences and unique properties of precast 
construction. Despite not completely benefiting the technology, the emulation concept has 
been adopted for design of precast systems in the United States and more widely overseas. 
Therefore, this section touches on the current emulation methodology for precast concrete 
structures. 
ACI Committee 550 [2.2} 
ACI Committee 550 recently published a document describing the concept of emulating cast-
in-place concrete. Using different methods for connecting precast concrete elements, the 
emulation process requires three general steps: 
1. Select the desired structural system for resisting gravity and lateral loads. This can be 
done by using either a moment-resisting frame or a combination of a gravity-load-
resisting frame with lateral-load-resisting shear walls. 
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2. Design and detail the structure to meet the requirements of a building constructed of 
monolithic cast-in-place reinforced concrete, noting that the structural elements must 
be suitable for plant fabrication, must be capable of being transported and must be 
erected by cranes. 
3. Arrange the structure using typical precast elements to meet the above criteria. Then 
design the connections between elements to allow them to emulate a monolithic 
system. 
Focusing on emulation of wall systems, the critical section is generally the connection 
between the precast panel and the foundation system, since this is the location of the 
maximum moment and shear caused by lateral loads. Such horizontal joints are usually 
detailed with grout and vertically lap spliced reinforcing bars, similar in concept to the floor 
slab to wall panel connection shown in Figure 2.1. The grout provides a continuity for 
compressive forces across the joint while the reinforcing bars do the same for tensile forces. 
Additionally, it was recommended by the ACI committee that for the design of shear walls 
with aspect ratios less than 3-to-1, the effects of shear deformations should be considered. An 
additional 5% eccentricity for accidental torsion effects was also recommended for design of 
buildings with precast walls in addition to the eccentricity calculated using the distance from 
the center of mass to the center of stiffness as well as any code requirements. It was also 
recommended that precast walls be designed as cantilevers from the foundation, even when 
floors are connected to the walls at intermediate locations. 
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Figure 2.1 Example of a lapped splice in a wall panel [2.2] 
2.4 Unbonded Post-Tensioned Precast Wall Systems 
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In consideration of the need for a non-emulative precast wall alternative, a concept for an 
unbonded post-tensioned precast concrete wall system was introduced. This was based on the 
concept suggested by Priestley and Tao [2.3] for precast building frames with the idea that 
the post-tensioning would provide an improved restoring force. Kurama et. al. [2.4, 2.5, 2.6] 
have recently investigated this option for precast walls, which consists of separate panels 
stacked vertically. The behavioral and analytical findings of their study as well as their 
design recommendations are discussed in this section. 
2.4.1 Behavior and Analysis 
Kurama et. al. /2.4, 2.5] 
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The performance of unbonded post-tensioned precast concrete walls is controlled by the 
behavior along the horizontal joints, specifically, gap opening and shear slip (Figure 2.2). In 
gap opening, the post-tensioning force and the axial force due to gravity load provides a 
restoring force that tends to close the gaps between the panels upon unloading. In shear slip, 
there is no mechanism available to provide the restoring force required for reversing the slip 
as in the gap opening case; therefore shear slip is difficult to control under a seismic event 
and thus the wall should be designed to prevent such behavior. By ensuring adequate post-
tensioning force in the wall system, the precast wall can be designed to respond in a manner 
shown in Figure 2.2a. 
(a) (b) 
Figure 2.2 Wall behavior along horizontaljoints:(a) gap opening, (b) shear slip [2.4, 2.5] 
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To describe the seismic performance, Kurama et. al. specified four states for the lateral force-
displacement response of the unbonded post-tensioned precast wall system (Figure 2.3). The 
first of these states is the Decompression State, which is the point where gap opening is 
initiated at the horizontal joint between the base of the wall and the foundation. The next 
state is the Softening State. This state is identified by the beginning of a significant reduction 
in the lateral stiffness of the wall due to gap opening along the horizontal joints and non-
linear behavior of the concrete in compression. The third state is the Yielding State, the point 
when the stain in the post-tensioning steel first reaches the limit of proportionality. The final 
state is the Failure State, which occurs when the axial flexural failure of the wall occurs, or 
in other words, when concrete crushing occurs to the confined concrete at the wall toes. 
base shear V 
failure 
state 
(V CSCI ~csc) 
roof drift~ 
Figure 2.3 Precast wall base shear-roof drift relationship [2.4, 2.5] 
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The behavior of wall systems using unbonded post-tensioning was noted for having several 
advantages under cyclic lateral loading: 
1. The non-linear elastic behavior of the post-tensioning tendons results m a self-
centering capability. 
2. Degradation in the initial stiffness of the wall is small. 
3. Inelastic straining of the post-tensioning steel can be limited. Thus, the reduction in 
prestress expected during load cycles beyond the yielding state can be controlled. 
The major disadvantage of the wall system is that the non-linear elastic behavior of the wall 
produces very little inelastic energy dissipation, as observed by the "slender" hysteresis 










"' cu .c 
-1000 
0 
9 Softening State 
X Yielding State 
T Failure State 
(-4448) _________________ _ 
-2 -1 0 1 2 
roof drift ~, % 
Figure 2.4 Force displacement response of a precast wall under cyclic loading [2.4, 2.5] 
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In order to analyze the precast post-tensioned system, six prototype walls were subjected to 
more than 200 non-linear dynamic time-histories, using 15 design level and 15 survival level 
ground motion records, by means of the DRAIN-2DX program. The primary precast wall 
example used in this report was referred to as wall WH 1, designed for regions of high 
seismicity assuming a medium profile for the foundation soil. The wall was 20-ft wide and 
81-ft tall, consisting of six panels stacked vertically. There were a total of 28 unbonded post-
tensioned tendons in the wall, each having an area of 1.5-in2, and the wall contained #3-spiral 
confinement reinforcement at each end within the bottom panel. Under the Hollister ground 
motion wall WHl was predicted to have a maximum base rotation of just over 3% and a 
maximum base moment of just under 800,000-kip-in (Figure 2.5). 
800000 
(90400) 













(-90400) ....__.....__..__......__ ....... _____ _... ___ _ 
-0.04 -0.02 0 0.02 0.04 
base rotation, radians 
Figure 2.5 Predicted base moment-rotation response of precast wall [2.4, 2.5] 
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A cast-in-place reinforced concrete wall with the same strength, initial stiffness, drift 
capacity, initial fundamental period and viscous damping as Wall WHl was also analyzed to 
compare the two systems. One difference between the walls was their hysteretic behavior 
expected under lateral cyclic loads. The inelastic energy dissipation of the cast-in-place wall 
was approximately twice that of Wall WHl, however, the cast-in-place wall did not have 
self-centering capabilities. At the completion of the ground motion the cast-in-place wall was 













- unbonded PT precast wall 
' 1 -- cast-in-place RC wall 
I I 
I I .4._ ________ ... __________ ...... ____ ........ ______ ..... ____ __ 
0 15 30 
time, seconds 
Figure 2.6 Comparison of roof drifts obtained from dynamic analysis of walls [2.4, 2.5] 
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The major observations made when comparing the responses of the unbonded post-tensioned 
precast wall (WHl) and the cast-in-place reinforced concrete wall were: 
1. The maximum roof drift of Wall WHl was larger than that of the cast-in-place wall. 
2. The response of Wall WHl decayed less rapidly resulting in a large number of drift 
cycles. 
3. Wall WHl oscillated around the zero-drift position, whereas, the cast-in-place wall 
accumulates a significant residual drift. 
In comparing the maximum roof drifts, Wall WHl was, on average, 38% larger than that of 
the cast-in-place wall under design level ground motions, and 41 % larger under survival level 
ground motions. 
Another important aspect investigated was the reduction in the prestress force, a result of 
post-tensioning steel yielding when walls are subjected to large lateral displacements. Two 
significant observations were reported in respect to this: 
1. Reduction in prestress force changes the hysteretic behavior of the wall. 
2. Reduction in prestress force significantly reduces the shear slip capacity of the wall. 
Therefore, the authors emphasized that it is extremely important to consider the reduction of 
the prestress force in the design of walls at the survival level ground motion. 
K urama et. al. [2. 6] 
In addition to the behavior study, Kurama et. al. carried out a parametric study using five 
walls designed for a set of six-story office buildings, four of which were designed for regions 
of high seismicity and one for regions of moderate seismicity, denoted by 'H' and 'M' in the 
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second letter of the wall name as shown in Figure 2.7. The walls are of different dimensions, 
different areas of post-tensioning tendons, different locations of post-tensioning tendons as 
well as different amounts of confinement spiral reinforcement. Additionally, walls WHl, 
WH2, WH3 and WM2 were designed for a site with a medium soil profile, while wall WH4 
was designed for a site with a soft soil profile. The dynamic analyses of the systems were 
conducted using seven natural and four generated ground-motion records and were 
conducted using wall models developed using the DRAIN-2DX program. 
The analysis output was compared with design criteria established for a proposed design 
approach (described later in Section 2.4.2). First, considering site characteristics, the 
maximum drifts obtained from the analysis for walls WHl, WH4 and WM2 were found to 
exceed the drifts selected for the design and survival level states. For the design-level motion 
the walls exceeded the design level drift by 15% to 49% whereas for the survival level 
ground motion the design drifts were exceeded by 14% to 158%. Therefore, it was concluded 
by Kurama et. al. that improved methods for estimating the drift are needed and that the large 
drift demands may necessitate the use of supplemental energy dissipation in the walls. 
Overall, the difference between the analytical results and the design criteria drift demand was 
found to be greater for: 
1. Survival-level ground motions than for design-level ground motions. 
2. Walls designed for sites with high seismicity than for sites with moderate seismicity. 
3. Soft-soil sites than for medium-soil sites. 
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Figure 2.7 Precast walls studied by Kurama et. al.: (a) typical wall, and (b) through (f) 
prototype walls [2.6] 
34 
35 
It was further noted that the design recommendations for the maximum story drift provided a 
slightly better estimate when compared to the analytical results than those of the maximum 
roof drift demand. Additionally, the base shear demands obtained by analysis were found to 
be below those estimated by the design procedure. Therefore, Kurama et. al. concluded that 
the method originally developed for cast-in-place monolithic concrete walls can be applied to 
unbonded post-tensioned precast walls. It was also concluded that there was a reduction in 
the total post-tensioning force as the analysis proceeded beyond the yield strength, but shear 
slip did not occur. 
The dynamic analysis results were also compared to evaluate the differences in initial 
prestress and eccentricity of the post-tensioning steel using walls WHl, WH2 and WH3. The 
first observation was that the initial stress and eccentricity have little effect on the maximum 
drift demands of the wall, which were 1.05, 1.14 and 1.07 percent rotation for the design-
level and 2.72, 3.02 and 2.74 percent rotation for the survival level, representing WHl, WH2 
and WH3 respectively. The increase in the drift demand for wall WH2 was attributed to the 
smaller base shear resistance of the wall. It was also noted that the maximum base shear 
demand predicted by the analysis decreased as a result of a decrease in the initial post-
tensioning. Wall WHl, with an initial prestress of 0.6 times the ultimate stress, had a 
maximum base shear of 1631-kips. While, walls WH2 and WH3, with initial prestress of 0.3 
times the ultimate stress, had maximum base shears of 1410-kips and 1408-kips, 
respectively. Similarly, there was a reduction in shear slip capacity with a decrease in initial 
prestress and an increase in eccentricity. Wall WHl, with the largest initial prestress and 
smallest eccentricity, had the greatest shear slip resistance with 1751-kips. Wall WH3, with 
36 
the smallest initial prestress and largest eccentricity, had the smallest shear slip resistance 
with 825-kips. Wall WH2, which fell in the middle with the same eccentricity as wall WHl 
and the same initial prestress as wall WH3, had a resistance of 1345-kips. It was also 
observed that walls with larger initial prestressing resulted in smaller gap openings between 
the panels. 
2.4.2 Design 
Kurama et. al. [2.4, 2.5] 
In evaluation of the results from the parametric study, discussed above, and the need for a 
non-emulative design approach, a performance-based seismic design approach was proposed 
in order to allow the designer to specify and predict the performance of a building under a 
selected seismic force for an unbonded post-tensioned precast wall system (Figure 2.8). 
Consequently this procedure requires the identification of seismic performance levels, 
building limit states and capacities, seismic input levels, and structure demand, prior to 
conducting the wall design. 
Seismic Performance Levels 
Three seismic performance levels were identified to ensure satisfactory behavior of walls 
under seismic loading: 
1. "Immediate Occupancy"-Post-earthquake damage state m which only limited 
structural and non-structural damage occurs. 
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Figure 2.8 Unbonded post-tensioned precast wall system: (a) elevation, 
and (b) cross section near base [2.4, 2.5] 
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2. "Life Safety"-Post-earthquake damage state in which significant damage to the 
building has occurred but some margin against total or partial structural collapse 
remams. 
3. "Collapse Prevention"-Post-earthquake damage state in which the building is on the 
verge of partial or total collapse. 
Building Limit States and Design Capacities 
The building limit states for the unbonded post-tensioned precast concrete walls were 
identified as follows: 
1. Decompression at the base-denotes initial gap opening at the base. 
2. Decrease in lateral stiffness-due to gap opening at the base. 
3. Spalling of cover concrete near the base. 
4. Yielding of the post-tensioning steel. 
5. Attainment of the base moment capacity. 
6. Reduction in the prestress-due to inelastic straining of the post-tensioning steel. 
7. Crushing of the concrete confined by spirals. 
8. Reduction in the lateral load resistance. 
9. Reduction in the gravity load resistance. 
10. Shear slip along the horizontal joints. 
11. Crushing of the concrete outside the spiral confinement region, but inside the region 
reinforced with wire mesh. 
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The design capacities of the wall system associated with these limit states are determined by 
a non-linear static push over analysis. The building limit states 1, 2, 4 and 7 listed above are 
identified in Figure 2.3. 
Seismic Input Levels and Structural Demands 
The design approach utilizes two seismic input levels along with associated structural 
demands to adequately satisfy the various design limit states: 
1. Design level ground motion 
a. design base shear demand, V des 
b. maximum roof drift demand, ~des 
c. maximum story drift demand, Odes 
2. Survival level ground motion 
a. maximum roof drift demand, ~sur 
b. maximum base shear demand, V max 
The design objectives proposed by Kurama et. al. are based on achieving the immediate 
occupancy performance level under the design level ground motion and achieving the 
collapse prevention performance level under the survival level ground motion. 
Wall Design Criteria 
The recommended seismic design of the unbonded post-tensioned precast concrete wall 
system also has several design criteria that compare estimated structure demands with 
structure design capacities. They are as follows: 
1. Criterion for the base shear capacity at the yielding state, Vllp 
<pc Vllp ~ V des= Qaes IR 
where; ~f is the reduction factor as defined by ACI 318, 
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Qaes is the base shear demand for the design level ground 
motion, 
and R is the response modification factor. 
2. Criterion for the base shear capacity at the softening state, Veil 
Veil~ Vaes = Qaes IR 
3. Criterion for the roof drift capacity at the yielding state, L\llp 
L\llp ~ L\aes 
where L\aes is the expected maximum roof drift demand under the design level 
ground motion. 
4. Criterion for the maximum story drift under the design level ground motion, bctes 
bctes .:S 8a11 
where ball is the allowable story drift as defined by NEHRP. 
5. Criterion for the roof drift capacity at the failure state, L\csc 
L\csc ~ L\sur 
where L\sur is the expected maximum roof drift demand under the survival 
level ground motion 
6. Criterion for the size of the spiral confined region near the base 
L\ctc ~ L\csc 
where; L\ctc is the roof drift capacity corresponding to the crushing of 
the concrete inside the wire mesh, 
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and ~csc is the roof drift capacity at the failure state. 
7. Criterion for the shear slip capacity, Yss 
Cj)s V ss :'.::: V max 
where 
and 
Cj)s is the capacity reduction factor as defined by the ACI 318 
code, 
V max is the expected maximum base shear demand under the 
survival level ground motion. 
8. Criterion for the maximum roof drift under the survival level ground motion, ~sur 
~sur ~ ~g = 2.5% 
Design Steps 
Utilizing the above criteria, a parametric investigation was performed (discussed previously 
in Section 2.4.1) to determine how the design capacities are affected by changes in the wall 
properties. From this investigation, a proposed design procedure was finalized with an 
objective of meeting all of the design criteria: 
1. Select trial wall dimensions (wall height, length, width, etc.). 
2. Set the initial stress in the post-tensioning (fpi) to a desired value, generally 55% to 
65% of the ultimate strength of the post-tensioning. 
3. Determine the area of post-tensioning (Ap) by satisfying design criterion 2, discussed 
above. 
4. Check design criterion 1 to ensure that the selected area of post-tensioning and length 
of wall are large enough. 
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5. Check design criterion 4 and 8 to ensure that bctes .:S 1.5 percent and ~sur .:S 2.5 percent, 
where both bctes and ~sur are functions of the wall length Ow) and thickness (tw). 
6. Check design criterion 3 to ensure that the initial post-tensioning stress and location 
of post-tensioning steel are adequate. 
7. Check design criterion 7 is to satisfy shear slip. 
8. Check design criterion 5 and 6 to ensure sufficient spiral reinforcement (Kurama et. 
al. recommended that the spiral reinforcement be provided at least one-fourth of the 
wall length at each comer and to a height of at least one-story). 
2.5 Precast Jointed Wall Systems 
In addition to the single wall systems discussed in Section 2.4, researchers have investigated 
the use of unbonded post-tensioned precast jointed wall systems in buildings as the primary 
lateral load resisting elements. The basic setup and behavior of the jointed wall concept is the 
same as the single wall concept with the exception that the jointed wall system contains two 
or more walls which are connected horizontally. The connection between walls is performed 
along the height of the wall using appropriate connectors. The connectors are supposed to 
significantly contribute to energy dissipation, thus have potential to reduce lateral drift and 
large amplitude dynamic cycles of the jointed wall systems when compared to the single wall 
systems (Section 2.4.1 ). 
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2.5.1 Behavior and Analysis 
Schultz and Magana [2. 7] 
Schultz and Magana's primary objective was to investigate the performance of horizontal and 
vertical joint connectors suitable for use in precast jointed systems. Seven connectors 
appropriate for vertical joints and four connectors suitable for horizontal joints were studied. 
The investigation included establishing the performance and developing behavioral models. 
One of the vertical joint connectors tested was the U-shaped Flexure Plate (UPP) connector 
(Figure 2.9), used as a horizontal connector along the vertical joint of the precast wall system 




a) Elevalion b) Section c) UFP Connector I= 16 (518) 
Figure 2.9 Details of U-shaped Flexure Plate (UPP) connector investigated by Schultz and 
Magana [2.7] 
The UPP connector was proposed as an energy-dissipating flexible connector in which the 
rolling bending action resists vertical shear force. It was originally designed using Grade 36 
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structural steel, but the material was changed to a more ductile 304 stainless steel when 
cracks formed across the curved region during its fabrication. The stainless steel UFP 
connector proved to be 2.5 times as strong as was assumed and the friction capacity of the 
interface was exceeded. The connector, which was predicted to develop only 40% of the 
specified design load, actually attained the entire target design load. Overall, the UFP proved 
to be a desirable connector, resisting seismic actions that were simulated using reversed 
displacement cycles, including one and one-half cycles at a displacement of 1.6-in and an 
equivalent drift ratio of 2% (Figure 2.10). 
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Figure 2.10 Force-displacement response obtained from UFP connector test [2.7] 
Priestley et. al. [2. 8 j 
As previously described in Section 1.5 the PRESSS test building, which included a multiple 
unbonded post-tensioned precast wall system with UFP connectors along the vertical joint in 
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one direction, performed very well. In the wall direction of loading under the design level 
earthquake, the wall experienced a peak recorded displacement of 8.3-in, just 8% below the 
target design displacement of 9-in, and accrued a residual drift of only 0.06%. At an event 
1.5 times the design level event, the wall saw a maximum displacement of about 11.5-in. 
Corresponding to this maximum displacement, the base moment in the wall direction was 
approximately 100,000-kip-in (Figure 2.11) with only minor spalling occurring to the cover 
concrete of the walls. No structural damage was observed during the entire wall direction 
testing. With the negligible damage and low residual drift of the wall system, it was 
concluded that the building had responded within the serviceability or "immediate 
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Figure 2.11 Overall response of wall direction test of the PRES SS building [2.8] 
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Conley et. al. [2.9/ 
The wall direction response of the PRESSS test building was investigated analytically by 
Conley et. al. The primary objective of this study was to capture the wall response using a 
relatively simple 2-D model that could be easily replicated in a design office. The Ruaumoko 
program was selected to model the wall direction of the test building. Initially the wall 
system was only modeled, but after running the analysis it was discovered that this only 
accounted for about 75% of the response at the peak displacement in the wall direction. The 
remaining moment resistance was suspected to be due to the moment resistance at the base of 
the eight columns in the building and thus were added to the model. 
First, to model the wall direction, the two walls from the PRESSS test building were modeled 
as columns with lumped nodal masses at each floor level (Figure 2.12). The two walls were 
connected with rigid links using shear springs located at the midpoint to model the behavior 
of the U-shaped Flexural Plate (UFP) connectors, where each spring represented 4 UFPs. An 
additional column was then added to the right of the wall system as in Figure 2.12, with floor 
displacements slaved to the adjacent wall to account for the base moment resistance of the 
seismic and gravity columns. This column was modeled to represent all eight of the columns 
in the actual test building. Additionally, compression only springs were placed at the base of 
the wall at set locations associated with a drift of 2% for the wall system while the columns 
were assumed to rotate about their comers. Springs were also used to represent the post-
tensioning tendons at the center of the walls and column. The accuracy of the model was 
determined to be adequately validated by comparing the analytical model output with the 
experimental moment-displacement response from the test building (Figure 2.13). 
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Figure 2.12 The Ruaumoko model developed by Conley et. al. to represent the PRESSS 
building in the wall direction [2.9] 
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Conley et. al. concluded that the primary goal of producing a simple analytical model that 
can be reproduced by a typical design firm was accomplished and that the displacement 
based design (DBD) procedure was further confirmed. 
In studying this report, it was observed that the post-tensioning force was overestimated by 
the Ruaumoko model which in tum increased the moment resistance of the walls. This is 
suspected to be due to the location of the springs at the base. First of all, the compression 
forces were at a fixed location based on a calculation at 2% drift for the walls. This 
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overestimated the lever arm between the post-tensioning force and the compression force for 
drifts less than 2% since the compression force moves towards the edge of the wall as the 
drift increases. Also, the model does not account for the contact surface (neutral axis depth), 
therefore rotation about the compression force is used rather than rotation about the neutral 
axis depth. This leads to additional post-tensioning elongation in the model and thus 
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Figure 2.13 Comparison of base moment-lateral displacement prediction 
made by Conley et. al. [2.9] 
2.5.2 Design 
Galusha {2.10] 
The jointed wall system in the PRES SS test building was designed jointly by the University 
of Washington and the Nakaki Bashaw Group, Inc. using the design procedure summarized 
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by Galusha. The final design guidelines proposed for the wall system being validated herein 
used this procedure as the basis, which is summarized in a step-by-step format below. 
1. Select the wall system configuration: wall height (Ht), entire wall system length (B) 
and number of panels (n). 
2. Select a value for a, the recentering coefficient, within the suggested range of 1.0-1.2. 
3. Establish material properties: i.e. modulus of elasticity of post-tensioning (Ep), yield 
stress of post-tensioning (fpy), concrete compressive strength (f c). 




5. Specify the building data: number of stories (nstory), height per story (Hstory), building 
weight per floor (Wstory) and design rotation (Sctesign) in order to carry out the 
displacement based design (DBD). 
6. Use DBD to calculate seismic loads and thus calculate the design base shear (Vb) and 
design overturning moment (Mot). 
7. Select an estimate for ~' the moment arm reduction coefficient, within the suggested 
range of 0.9-1.0. (This accounts for the fact that the wall does not rotate on its corner) 
8. Calculate the initial post-tensioning stress: 
2.2 
9. Assume a wall thickness (t) in order to calculate the panel self weight (W). 
10. Calculate the wall panel post-tensioning: 
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Mot - nWbfJ(I +a) 
Ppo = 2a 
nbfJ(l +a)+ nEp (b/J)2 tkesign 
2a JPoHt 2 
2.3 
11. Determine the area of post-tensioning steel: 
2.4 
12. Calculate the interface shear force anticipated between the wall panels in the vertical 
direction: 
F = nP1otfl 
a(2n-2) 
2.5 
13. Calculate the lift-off moment, net righting moment and the nominal moment: 
2.6 
M = n~otbfl -(n-l)b r,net 2 2.7 
2.8 
14. Calculate the damping of the system ( r;) and compare with the estimates used in the 
DBD. 
If the inter-panel connectors are frictional devices: 
-(~)2Bdesign(M/o -Mr,net) _Mio -Mr,net 
SJriclion - 40 . M - M 
1[ design n 1C.. n 
2.9 
If the inter-panel connectors are U-Shaped Flexure Plates 
S ufp = 0.625s friction 2.10 
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15. Check the wall thickness, iteration may be necessary with assumption made in step 9. 
16. Check if ~ is equal to that assumed in step 7, iterate if necessary. 
A design procedure was also developed for the U-shaped Flexural Plates (UFP), described 
earlier in this chapter: 
1. Determine the interface shear force (F) which is resisted by the UFPs. 
2. Select the number of UFPs CNurp) located at each interface and determine the force in 
each UFP (V). 
V=_!_ 2.11 
Nufp 
3. Determine the properties of the proposed material: minimum guaranteed fracture 
strain (Efracture) and ultimate stress (Fu). 
4. Select the maximum strain (Emax) to which the UFP will be subjected, it is 
recommended to select this value between 0.25Efracture and 0.5Efracture based on a 2-in 
gage length. 
5. Select a UFP width (b). 
6. Calculate the UFP thickness. 
2V t?.---
bFu&max 






Stanton and Nakaki [2.11] 
Upon the completion of the experimental research performed on the PRESSS test building 
(Section 1.5 and 2.5.1), Stanton and Nakaki published a set of design recommendations 
based on Galusha's design procedure [2.10] to be used in the design of unbonded post-
tensioned jointed walls (Figure 2.14). The design procedure is for wall systems composed of 
two or more horizontal panels that are separated by vertical joints. Additionally, the wall 
panels are post-tensioned to the foundation and are connected across their vertical joints by 
shear connectors that can dissipate energy during lateral load response. 
Ndes Cdes = N des+ F sc 
Figure 2.14 Forces acting on a precast jointed multiple wall system (adopted from [2.11]) 
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To perform the design of the wall system, the following assumptions are made: 
1. The design forces and drift limits are known, usually selected to satisfy code criteria. 
2. The total wall length Ow,tot), wall height (hw) and wall thickness (tw) are known, 
generally from architectural drawings and preliminary calculations. 
3. The wall panels are assumed to be the same size. 
4. The shear connectors are treated as rigid-plastic. 
5. The post-tensioning steel reaches the yield strain at the design drift. 
The design method proposed for unbonded post-tensioned jointed walls by Stanton and 
Nakaki [2.11] may be summarized as follows: 
1. Establish the following material properties: strength (fpy) and modulus of elasticity 
(Ep) of post-tensioning material, strength of shear connectors, strength of concrete 
(fc') and strength of grout (fg') . 
2. Using either the Displacement Based Design (DBD) or the Force Based Design 
(FBD) methods, determine the design base shear (V des) and design drift (8ctes). 
3. Select the number of panels (n) using the following considerations: the wall panel 
aspect ratio, the post-tensioning tendon elongation, the lateral strength and the 
damping. 
4. Establish the following constants: 
wall panel length Ow), 
fw = fw,tot 
n 
2.14 
increase in prestressing tendon stress between zero drift and design drift (~fpoo), 
/1faoo = 0.5Ep{)des i 
where hu is the unbonded length of the post-tensioning tendon. 




where Vdes is the design base shear and heJf is the height above the foundation 
that the lateral load resultant acts on the wall. 
panel weight (W panel), 
Wpanel = fwfwhwyc 
where ye is the density of concrete. 
total weight (W), 
W = Wpanel + fwWjloor 
2.17 
2.18 
where Wfloor is the vertical distributed weight of the floors on the wall panel. 
compressive capacity of wall panel (Cc), 
Cc= fwfw,eff(k1J' g) 2.19 
where tw, eff is the thickness of the wall panel effective in resisting 
compressive forces, k1 is the uniform stress in the equivalent stress block 
divided by fg', and fg' is the grout strength. 
force in shear connectors (F sc,net), 
Fsc,net = Fsc,left - Fsc,right 2.20 
where Fsc,iefi and F,.c,right are the total yield force of all shear connectors in the 
vertical joints on the left and right side of the wall panel, respectively. 
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5. Select the tendon reinforcement area (Ap) and initial prestressing stress (fpo). 
6. Establish the conditions at the time the base of the wall starts to lift off of the floor 
(zero drift, also referred to as the decompression point): 
initial force in the prestressing tendon (Po), 
2.21 
total axial force on one wall panel (No), 
2.22 
compressive reaction on one wall panel (Co), 
2.23 
distance from the compression face to the compression force ( aolw), 
2.24 
neutral axis depth (TJolw), 
2.25 
where /J1 is the depth of the equivalent stress block divided by the neutral axis 
depth. 
ratio of the design strength of the shear connectors to the vertical load (Ko), 
2.26 
where F.,c is the total yield force of all shear connectors in one vertical joint. 
7. These same conditions can then be determined at the design drift (8aes) using an 
iterative method (see Figure 2.15), note the difference between equations 2.22 
56 
through 2.25 and equations 2.27 through 2.30 are the drift endured by the system and 
is denoted by '0' for zero drift and 'des' for the design drift: 
Ndes = pdes + W 
C des = N des + f,c,net 
0 5 cdes ades = . --
cc 
- 2 ades 
'ldes - /Ji 
Additionally the post-tensioning elongation ( /1p) can be obtained, 
Increase in stress between zero drift and the design drift ( 11/ P ), 
Therefore the total stress ( fp,des) can be determined, 








The force in the post-tensioning tendon at the design drift can then be determined, 
2.34 
this step (7) should then be iterated until P des converges. 
8. Using the design level conditions compute the moment capacity for an individual 
panel (Mcap,pane1): 
M cap,pane1 = l w ( C des (0.5 - a des)+ 0.5(Fsc,tefi + Fsc,right )) 2.35 
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Figure 2.15 Unbonded post-tensioned wall-locations of forces at design drift [2.11] 
9. Calculate the total moment resistance of the wall system (Mcap,wan). Each panel must 
be designed using steps one through eight and then the moment capacities of the 
panels can be summed together to develop the total moment capacity: 
Mcap,wall = J:,Mcap,panel 2.36 
10. Check to ensure the system meets the following criteria: 
Mdes 1 0 
PMOM = ~ . 
Mcap,wa/I 
2.37 
which checks the demand/capacity ratio for overturning moment on the panel. 
. = fpo < l.O 
PtpO (f PY - /J..fp) -
2.38 
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which checks the stress ratio to ensure that the pre-stressing tendon does not yield 
at maximum drift. 
PuPL =Ko ::;; 1.0 2.39 
which checks the ratio of uplift force to hold down force on one panel to ensure 
the wall doesn't uplift. 
2.40 
which is a parameter ratio controlling the residual drift. 
_ Kolw ( _ (n-l-2ao,aveK0 )J < 
PRoc - (0.5 aO,ave) + - 1.0 
µhejf n 
2.41 
which is a force ratio to ensure that the panel slides rather than rocks. 
The basic outline of the design approach of Stanton and Nakaki may be summarized as 
shown in flowchart form in Figure 2.16. 
1. Establish Material Properties: 
Grout: f8', Pi. µ 
Concrete: fc', Ye 
Tendon: EP, fpy 
Connector: force vs. displacement 
4. Establish Constants: 
lw, Llfpo, Mdes• W paneb W, Cc, F sc.net 
5. Select Reinforcement: 
Ap, fpo, Fsc 
8. Compute Resisting Moment of Panel: 
Mcap,panel 
10. Check Acceptance Criteria: 
PMoM, Prpo, PuPL, PzRD, PRoc 
2. Obtain Design Loads and Drifts: 
Use Displacement Based Design or 
Force Based Design to obtain design loads. 
Compute corresponding design moments 
(Mdes) and drifts (8des). 
3. Select Number of Panels: 
Considerations: 
Wall panel aspect ratio 
Post-tensioning tendon 
elongation due to rocking 
Lateral strength 
Damping 
6. Establish Conditions Immediately 
after Lift-off at the Base of the Wall: 
Po, No, Co, Clo, l'Jo, Ko 
7. Establish Conditions at Design Load and Drift: 
N des• Cd.,, ades, lldes. Llp, i:lf P, fp,des. P des 
9. Compute Resisting Moment of Wall: 
Mcap,wall 
No Yes 
Figure 2.16 A flow chart representation of PRES SS recommended design procedure 
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The guidelines of Stanton and N akaki also includes steps for the design of U-shaped Flexural 
Plate (UFP) connectors (Figure 2.17), which are one possible choice for shear connectors in 
the wall system. Any ductile shear connector that has the required strength and deformation 
capacity may be used to connect the wall panels. 
Utilizing equilibrium of the shear connector and determining the plastic moment capacity of 
the shear connector (Msc) by using the connectors dimensions and the stress in the plate 
under plastic conditions (fsc,des, see Figure 2.18), an equation for the shear strength of one 
UFP connector (Vsc) can be derived: 
2.42 
where Dsc is the diameter of the UFP connector (depicted in Figure 2.17). 
The moment capacity (Msc) can be found by: 
M = (bsct;c )1. sc 4 sc,des 2.43 
where bsc is the width of the UFP connector and tsc is the thickness of the UFP 
connector (Figure 2.17). 
Additionally, fsc,des can be obtained by using the corresponding UFP strain: 
f sc 




Figure 2.17 Forces acting on a UFP connector under inelastic conditions [2.11] 
Noting that Esc,des is limited to a value of Esc,max (Figure 2.18), which is defined as: 
Bscu 
8 =-'-sc,max 3 
From this the number of shear connectors (nsc) required can be determined: 
Fsc n =-sc v 
SC 
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In the above design procedure, Bsc,des for the UFP connector is determined from geometry of 
the connector without the influence of the design drift. Furthermore, the moment calculation 
given in equation 2.43 implies the stress-strain response of the UFP material in Figure 2.18 is 
approximated for an elastic-perfectly plastic response. These approximations, along with the 
fact that hardening of stainless-steel, typically used as the UFP material, depend on previous 
strain history, can lead to inaccurate estimation of the UFP forces and the base moment 
resistance of the wall system. This issue is further addressed in Chapter 3. 
Pampanin et. al. [2.12] 
One of the primary issues in the design of the unbonded post-tensioned precast jointed wall 
systems is the strain incompatibility between the concrete and steel at the section level. The 
proposed design guidelines by Stanton and Nakaki [2.11] use an equivalent stress block to 
obtain the neutral axis resulting in an increase in neutral axis depth as the drift increases, but 
this is inaccurate since the wall system behavior is expected to be just the opposite. The 
neutral axis depth should not increase as the wall rotation at the foundation interface 
increases. This is described in further detail in Chapter 4. 
As an alternative to usmg the equivalent stress block, Pampanin et. al. proposed the 
monolithic beam analogy (MBA) to overcome the strain incompatibility issue and more 
accurately model the behavior of the wall at the section level. The MBA method basically 
equates the equivalent plastic hinge length of a monolithic wall with that of an unbonded 
post-tensioned jointed precast wall. This results in a simple equation to relate the concrete 
strain in the extreme fiber with the base rotation and neutral axis depth for the wall panels: 
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2.47 
where &c is the concrete strain in the extreme fiber, B is the rotation at the base, 
LP is the equivalent plastic hinge length, ¢Y is the yield curvature and c is the 
neutral axis depth. 
Thus, with a given rotation and neutral axis depth an approximate strain can be obtained and 
section level compatibility can be met. A couple of issues should be presented with this. First 
of all, the actual equivalent plastic hinge length of the jointed wall is most likely smaller due 
to the presence of unbonded post-tensioning. Secondly, this method is not exact, it is only an 
approximation used to overcome the incompatibility between the concrete and unbonded 
steel to more accurately portray the behavior of the wall system. 
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Chapter 3: Formulation of Validation Procedure 
3.1 Introduction 
The main goal of this study is to validate the PRESSS design guidelines developed for 
jointed precast wall systems. Recognizing an effective validation method should encompass a 
range of values for the wall drift and incorporating the test data available from the PRES SS 
test building, discussed in Section 2.5.1, in the validation process is essential. In 
consideration of these issues, an analysis procedure is first formulated based on the PRES SS 
guidelines summarized in Section 2.5.2. Furthermore, the use of an equivalent stress block in 
the design guidelines to overcome the strain incompatibility that exists at the critical section 
causes concerns with the abilities of the analysis procedure to accurately estimate the 
extension of the post-tensioning bars and relative vertical displacement between the wall 
panels. Consequently, an alternative analysis procedure is also established in this chapter, 
which was based on the monolithic beam analogy (MBA) described in Section 2.5.2. The 
predicted response of the wall system based on the two analysis methods are compared with 
the experimental results in Chapter 4. 
Throughout this chapter the analysis methods will be based on the use of two wall panels as 
in the PRESSS building, although the methods may be used for wall systems with more than 
two panels. Additionally, all of the wall panels are assumed to have the same base rotation 
(9), but different contact areas (neutral axis depths) based on experimental data, discussed 
further in Chapter 4. 
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It has been discussed previously that the force-displacement behavior of the U-shaped 
Flexure Plates (UFPs) may depend on the past loading history. To minimize the influence of 
the UFP forces in the comparison of experimental and analytical results, a series of tests was 
conducted on stainless steel UFPs as used in the PRESSS test building to establish an 
appropriate force-displacement characteristic for the UFPs. Dog-bone shaped stainless steel 
coupons were also tested to establish the stress-strain behavior of the material. This 
experimental component of the study is also presented in this chapter. 
3.2 Analysis Method Based on PRESSS Design Guidelines 
The PRESSS analysis procedure was developed essentially by reversmg the design 
guidelines suggested by Stanton and Nakaki [3.1], see Section 2.5.2. The steps of this 
analysis procedure can be summarized as follows, see flowchart in Figure 3 .1: 
1. Define wall dimensions and material properties. This includes: grout strength (fg'), 
concrete strength (fc'), concrete density (Ye) post-tensioning modulus of elasticity 
(Ep), post-tensioning yield strength (fpy), area of post-tensioning (Ap), initial post-
tensioning stress (fpo), unbonded length of post-tensioning (hu), number of panels (n), 
height of wall (hw), length of wall panel Ow), thickness of wall (tw) and connector 
force-displacement relationship (Fsc, described in Section 3.4). 
2. Select a base rotation (8). 
1. Define wall dimensions 
and material properties 
2. Select base rotation, 0 
3. Determine parameters 
4. Assume post-tensioning force, P 
Yes 
5. Determine forces 
at base rotation e 
No 
>----.. Adjust P 
6. Compute resisting 
moment of wall panel 
7. Compute resisting 
moment of wall 
system 
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Figure 3.1 Flowchart describing the analysis procedure based on the PRESSS guidelines 
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3. Determine parameters. Calculate the increase in stress in the post-tensioning tendon 
between zero base rotation and the selected base rotation assuming the wall rocked 
about its comer: 
3.1 
Calculate the self-weight of one wall panel: 
3.2 
Determine the total gravity load on one wall panel: 
3.3 
where Wfloor is the distributed vertical load on the wall from all floors. 
Calculate the compression capacity of one wall panel: 
3.4 
where k1 is the uniform stress in the equivalent rectangular stress block divided by fg'. 
4. Assume a force (P) in the post-tensioning tendon. 
5. Determine forces at base rotation (8), as illustrated in Figure 3.2. Calculate the total 
tension force: 
N=P+W 3.5 
Calculate the compressive force: 
C = N±Fsc 3.6 
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where Fsc is the force in the UFP connectors determined by experimental results, 
discussed later in Section 3.4. A value for Fsc should be assumed for the first iteration 
and the value from the previous iteration based on the wall end uplift should be used 
for subsequent iterations. 
Calculate the distance from the compression face to the center of the compression 
force divided by the length of the wall Ow): 
c a=0.5-
Cc 
(i.e. the distance from the edge of the wall to the compression force is alw) 
3.7 
Calculate the distance from the compression face to neutral axis depth divided by the 
length of the wall Ow): 
3.8 
(i.e. the neutral axis depth is 11lw) 
Calculate the wall end uplift: 
3.9 
Determine a new value for Fsc based on experimentally obtained results (Section 3.4). 
Calculate the elongation of the post-tensioning tendon: 
3.10 
Calculate the increase in stress in the post-tensioning tendon: 
3.11 
N C=N-Fsc N C=N+Fsc 
Figure 3.2 Forces acting on the jointed wall system 
Calculate the total stress in the post-tensioning tendon: 
f p = (f pO + flf p) ~ f py 
Recalculate the total post-tensioning force: 
p = APJP 
Iterate this step (5) until P converges. 
6. Compute the resisting moment of the wall panel: 






Steps 3 through 6 should then be repeated for each additional wall panel. 
7. Compute the resisting moment of the entire wall system: 
3.15 
3.3 Alternative Analysis Method 
The alternative analysis method is based on the monolithic beam analogy suggested by 
Pampanin et. al. [3.2]. Using this concept, a procedure for performing section analysis of 
unbonded post-tensioned walls was established [3.3]. A summary of this procedure and the 
analysis of the jointed wall using this procedure are described below. 
3.3.1 Application of Monolithic Beam Analogy 
In order to overcome strain incompatibilities between the unbonded steel and concrete the 
monolithic beam analogy (MBA) [3.2] is used to establish a simplified relationship for the 
extreme fiber concrete strain ( Ec,ext) as a function of the neutral axis depth ( c) and base 
rotation (0). To derive this relationship, the total displacement of the jointed precast wall (~j) 
is set equal to the total displacement of an equivalent monolithic wall (~m) (Figure 3.3): 
3.16 
At a base rotation of 8 for the precast wall, 
3.17 
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where hw is the height of the wall, ¢; is the elastic curvature at the base of the precast wall 
and ~e and ~P are the elastic and plastic displacement components of the monolithic wall, 
respectively. 
For the monolithic wall, 
3.18 
where <Pe is the elastic curvature of the monolithic wall, 
and 
3.19 
where ¢ P is the plastic curvature of the monolithic wall, Lp is the equivalent plastic hinge 
length and <Pu is the ultimate curvature of the monolithic wall. 
~j ~m 
Figure 3.3 Flexural response of precast and equivalent monolithic wall 
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Assuming ¢; is approximately equal to r/Je and substituting equations 3 .18 and 3 .19 into 
equation 3 .17, results in: 
3.20 
where Ec,ext is the extreme fiber concrete strain. Thus, 
3.21 
Since there is no mild reinforcing steel present in the connection of the precast wall to the 
foundation, thus no strain penetration, the plastic hinge length (Lp) may be taken as 0.08hw 
[3 .4]. Thus, 
[ e J B -c + c,ext - 0.08hw r/Je 3.22 
where, 
3.23 
where Mis the moment resistance of the wall at the given neutral axis depth (c) and base 
rotation (8), Ee is the modulus of elasticity of concrete and Ieff is the effective moment of 
inertia of the wall. 
3.3.2 Alternative Analysis Procedure 
The alternative analysis procedure for the jointed wall system based on MBA is summarized 
in Figure 3.4. As in the PRESSS analysis procedure, the wall system is analyzed in a panel-
by-panel basis. 
1. Define wall dimensions 
and material properties 
2. Calculate decompression point 
3. Select base rotation, 0 






5. Using equilibrium calculate forces 
at base rotation e with assumed 
neutral axis depth 
6. Using MBA determine extreme 
fiber concrete strain 
7. Using confined concrete model 
calculate the compression force 





~----1 8. Compute resisting moment 




9. Compute resisting moment 




Figure 3.4 Flowchart summarizing the steps involved in the wall system analysis using MBA 
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The steps involved in this approach are as follows: 
1. Define wall dimensions and material properties. This includes: concrete strength 
(fc'), concrete density (Ye), modulus of elasticity for post-tensioning steel (Ep), yield 
strength of post-tensioning steel (fpy), area of post-tensioning (Ap), initial post-
tensioning force (Po), number of panels (n), height of wall (hw), length of wall panel 
Ow), thickness of wall (tw) and connector force-displacement relationship (discussed 
later in Section 3.4). 
2. Calculate the decompression point. The decompression point is the point at which the 
post-tensioning stress is overcome by the lateral forces on the wall, resulting in a 
stress of zero at one end of the wall. As illustrated in Figure 3.5, Figure 3.5a 
represents the stress profile at the base of the wall caused by the initial post-
tensioning and the gravity loads including the self-weight of the wall. This stress can 
be calculated as: 
3.24 
Figure 3.5b represents the effects of the wall due to a lateral force on the wall panel 
which causes an extreme fiber tension stress at the base equal to the constant 
compression stress caused by the post-tensioning and gravity loads as in Figure 3.5a. 
Therefore, when these two stress profiles are added together, as in Figure 3.5c, the 
stress at one end of the wall base is doubled while the stress at the other end is zero, 
representing the decompression point. At this point, the wall panel is assumed to be 
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Figure 3.5 Stress profile at the base of the wall caused by: (a) the initial post-tensioning and 
gravity loads including the self-weight of the wall, (b) lateral force on the wall, 
and (c) addition of (a) and (b) 
The base moment resistance of the wall panel is obtained using the known flexure 






where I is the moment of inertia of the wall panel and c is the neutral axis depth 
which is equal to one half of the wall length at this stage (i.e. lw/2, Figure 3 .5b ). 
Likewise, the top floor displacement can be calculated by first calculating the elastic 
curvature: 
M 
<Pe = E I 
c 
The top floor displacement can then be calculated as: 
Note that at the decompression point the base rotation is zero. 
3. Select base rotation (0). 
4. Assume a neutral axis depth (c) for the selected 9. 
3.26 
3.27 
5. Calculate the forces at the base rotation (0) and neutral axis depth (c) assuring that 
equilibrium is met. Utilizing the wall geometry, illustrated in Figure 3.6, calculate 
the tendon elongation: 
Calculate the increase in tendon stress: 
1:1 p !J.f =E -





Calculate the total post-tensioning force (P) and the total tension force (N) under the 
current base rotation and assumed neutral axis depth: 
3.30 
N=P+W 3.31 
Determine the contribution of the U-shaped Flexural Plates (UFP) using a force 
versus vertical displacement chart as shown in Figure 3.7, obtained by testing and 
discussed further in Section 3 .4. In this approach, the relative vertical displacement 
between the two adjacent panels is approximated to the wall-end uplift (Figure 3.6b), 
which is estimated using the geometry of the wall: 
t:,. enduplift = Uw - c)B 3.32 
flendupl ift 
N C=N-Fsc N C=N+Fsc 
(a) (b) 
Figure 3.6 Conditions at base rotation 8: (a) full view, and (b) enlarged view of base 
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For a given value of ~enduplift from equation 3.32, the force generated in an individual 
UFP (Fsco) is determined from Figure 3.7. Using the total number of UFPs (nsc) 
located between the wall panels, the force along the vertical joint is calculated: 
3.33 
Finally, the compressive force (C) can be determined from the equilibrium condition 
of the wall panel in the vertical direction: 
3.34 
Relative vertical displacement between wall panels (mm) 
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Figure 3.7 Force transferred through a UFP as a function of relative vertical displacement 
between the wall panels 
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6. Using MBA, discussed previously in Section 3.3.1, determine the extreme fiber 
concrete strain for the assumed neutral axis depth ( c ): 
( B M J Be ext= C +--, 0.08hw EJeff 3.35 
where M is the base moment resistance of the wall panel, Ee is the modulus of 
elasticity of concrete and Ieff is the effective moment of inertia of the wall. 
7. Using a confined concrete model calculate the compression force and its location. 
The confined concrete model suggested by Mander et. al. [3.5] was selected to 
determine the stress profile. According to this model, the stress-strain relationship of 
confined concrete is developed as follows: 
{' '= {' '(2.254 1 + 7·94!'/ - 21i I -1.254] 
Jee Jc fc' fc' 3.36 
3.37 
where fee' is the peak confined concrete strength, Eee is the corresponding strain and f1' 
is the effective lateral confining stress. While assumed equal to zero for unconfined 
regions, fl' is the sum of equations 3.38 and 3.39 for rectangular confined regions: 
3.38 
3.39 
Where Px and Py are the transverse reinforcement area ratios in the principal 
directions and Ke is the confinement effectiveness coefficient recommended as 0.6 for 
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rectangular wall sections [3.4]. In addition to this, two more ratios must be 
determined: 
where, 
E = fcc 1 
sec 
&cc 
Finally, the stress profile can be determined by: 
f, = fee 'xr 





recalling that x (equation 3 .40) is not a constant since the concrete strain (Ee) varies 
from zero to Ec,ext with location across the neutral axis depth. 
The stress-strain curve obtained for the wall panel used in the PRESSS building from 
the above model is shown in Figure 3.8. Using these stress profiles the resultant 
compressive force and its location can be obtained. In this study these calculations 
were performed using the Simpson's rule by dividing the profile into many vertical 
sections as shown for a confined region in Figure 3.9. The resultant compressive 
force (Cconr) is found by summing the forces represented by the rectangular areas. 
Similarly, the location of the resultant force is found by summing up the individual 
rectangular areas multiplied by the distance to their individual centroids and then 
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Figure 3.9 A confined stress profile approximated with several rectangular sections for use 
of the Simpson's rule 
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The resultant compressive force obtained from the confinement model is compared 
with the compressive force obtained in equation 3.34. If the confined compressive 
force (Cconr) is not equal to the compressive force established by equilibrium (C), then 
the neutral axis depth is increased and the process (steps 5 through 7) must be 
repeated until the two forces converge. 
8. Compute the resisting moment of the wall panel: 
M ,,,,,,,,..11 ~ C(l, - y)- N( 1;) 3.44 
Mcap,pane/2 = -C(y) + N( /;) 3.45 
where y is the distance from the edge of the wall to the compression force. 
The process should be iterated once more to ensure that the MBA (step 6) utilizes an 
accurate moment in computing the extreme fiber concrete strain. 
9. Compute the resisting moment of the wall system: 
Mcap,wa// = Mcap,pane/I + Mcap,pane/2 3.46 
3.4 Force Displacement Behavior of U-shaped Flexural Plate (UFP) Connectors 
As previously noted, a more accurate force displacement response of the UFP connectors for 
the validation of the design guidelines was established through component testing. To 
determine the behavior of the UFP connectors experimental tests were performed similar to 
those done at the University of California at San Diego (UCSD) in conjunction with the 
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PRESSS building test. Included in the testing at Iowa State University (ISU) were three 
uniaxial tensile tests as well as cyclic testing of two UFP connectors. 
3.4.1 Uniaxial Tests 
Three tensile test coupons were machined from 3/8" thick 304 stainless steel, the same 
thickness and material used for the UFPs, to meet ASTM standards for tension testing of 
metallic materials [3.6]. The dimensions of the test coupons are provided in Figure 3.10 and 
Table 3.1 as measured prior to testing. 
Figure 3.10 Dimensions of coupon used in uniaxial tensile tests 
The stress-strain curves determined from the uniaxial tests are shown in Figure 3 .11. The 
extensometer was removed prematurely during testing of both Specimens 1 and 2 since the 
specimens began necking long before the ultimate failure actually occurred (the elongation of 
the specimens was over 30%). During testing of Specimen 3 the extensometer reading was 
taken to a strain of over 0.371 in/in. Also shown in Figure 3.11 is a stress-strain curve 
obtained during the uniaxial testing of UFP coupons at UCSD. The comparison between the 
ISU and UCSD test data indicate that the material strength of the ISU coupon was about 2% 
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weaker than the material tested at UCSD [3.7]. The UCSD test represent the UFP connectors 
actually used in the PRESSS test building. 










Width (in) Thickness (in) 
Specimen I 1.498 0.393 
Specimen2 1.498 0.397 
Specimen3 1.498 0.396 
-~---
specimen 1 (Is:n 
Specimen 2 (ISU) 
Specimen 3 (ISU) . 
I 
Specimen (UCSD) I 











Figure 3.11 Stress-strain behavior of UFP coupon under uniaxial tension 
3.4.2 Cyclic Testing 
Two UFP tests were performed using cyclic loading. Similar to the UCSD cyclic tests, the 
test setup used two 3-in wide UFP sections that were welded between 4-in square tubing 
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sections and a 0.75-in thick plate as detailed in Figure 3.12. The test rig allows the UFPs to 
be subjected to a relative vertical displacement of up to ± 3.5-in and the structural tubing 
provides a stiff boundary to simulate the stiff wall panels in the test building. The test rig was 
then placed in a MTS uniaxial fatigue testing machine, that was regulated by displacements, 
and was gripped at each end by the plate welded between the two UFPs at the top and the rod 
connected to the square tubing at the bottom. 
6.50" 
U -Pl oi:e~ 
::; 18" ,6" Fill e t "" 
- i--- 4 2 ':'.'' ---i---- 4 0 0 "--1 
\./eld r t y p . • - ~.... . I I ,, . ..... 
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14 00" 
28 _,Q " 
j f: .50" 
! 
(a) (b) 
Figure 3.12 Test setup used for the cyclic testing of UFP connectors: 
(a) picture and (b) schematic 
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The first UFP (Ul) was tested under gradually increasing displacement cycles as shown in 
Figure 3 .13. This test sequence was similar to the UFP cyclic test at UCSD [3. 7]. During 
testing, the test rig began to slip out of the top grip, see Figure 3 .12, during testing at a 
displacement of 2-in. The force-displacement hysteresis response of the UFP prior to slipping 





= 0.5 ... 5 0.0 t<--_,,___.,,.........,,,--+___,,._-f--T----,f---;,--+--l-+-+-1--+-+--+-+---"l--+---+--+-+-1--+-+----+--+-+--J'-l--+--I--+-~ ... 
~ c. -0.5 





Figure 3.13 Displacement history applied to Ul 
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Figure 3.14 Force-displacement hysteresis response ofUl-1 (prior to slipping) 
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To eliminate slipping at the grip, the thickness of the gripping region of the plate located at 
the top of the test rig was increased. Then the UFP test rig, still containing U 1, was returned 
to zero displacement and was tested again for the entire displacement history provided in 
Figure 3.13. The hysteresis for the second test of the first UFP, referred to as Ul-2, can be 
seen in Figure 3.15. 
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Figure 3.15 Force-displacement hysteresis response of Ul-2 
A new pair of UFPs was used in the second cyclic test that was subjected to a displacement 
history similar to the displacement the UFPs experienced during the testing of the PRES SS 
building. The displacement history for the second test was established using displacement 
device Wl VCS, which measured the relative vertical displacement along the vertical joint 
between the two wall panels, as illustrated in Figure 3.16. Figure 3.17a shows the 
displacements recorded by WI VCS during the wall direction test. Using the peaks from 
Figure 3 .17 a a similar displacement load history suitable for the second cyclic test was 
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established (Figure 3.l 7b). Similar to the testing of Ul, the second UFP (U2) was also tested 
twice. After completing the first test on U-2 for the displacement history in Figure 3.l 7b the 
relative displacement of the UFP was returned to zero and the test was ran again using the 
same displacement sequence. The two tests were referred to U2-1 and U2-2, respectively, 
and the corresponding hysteresis responses are shown in Figures 3 .18 and 3 .19. The primary 
reason for performing U2-2 was to investigate the influence that past load history has on the 












Figure 3.17 Displacement history (a) measured by device WI VCS in the PRESSS test 
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Figure 3.18 Force-displacement hysteresis response of U2-1 
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Figure 3.19 Force-displacement hysteresis response of U2-2 
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3.4.3 Force-Displacement Response for UFP Connector 
In order to apply the above results in the validation process, the following points must be 
recognized. First of all, since the test rig used two 3-in UFPs for a total of 6-in and the actual 
UFPs in the PRESSS test building were 7-in wide, the forces found from the analysis were 
increased by 716. Second, as mentioned previously, the UFPs tested at ISU were found to be 
slightly weaker than those tested at UCSD (Figure 3.11). Comparing the response envelopes 
from the UFP cyclic tests at UCSD [3.7] and Ul-1 tested at ISU, both tested under similar 
displacement histories, this was further confirmed (Figure 3.20). It was concluded that the 
UFPs tested for the PRESSS test building was approximately 8.8% stronger than the UFPs 
used in testing at ISU. 
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Figure 3.20 Comparison of UFP force-displacement response envelopes obtained for two 
different tests under similar load histories 
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Therefore, to establish the force-displacement response envelope exhibited by the UFPs in 
the PRESSS test building, the force-displacement envelope for U2-1 was increased by 8.8%. 
U2-1 was selected since it exhibited a similar displacement history to the UFPs in the 
PRESSS test building. The resulting force-displacement response for the UFP is shown in 
Figure 3.21, which will be used in the analysis based on the PRESSS guidelines and MBA. 
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Figure 3.21 UFP force-displacement response envelope used for PRESSS design validation 
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Chapter 4: Precast Jointed Wall Systems for Seismic Regions: 
4.1 Abstract 
Design Validation and Recommendations 
by Derek J. Thomas and Sri Sritharan 
Department of Civil, Construction and Environmental Engineering 
Iowa State University, Ames, IA 50011, USA 
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Following the satisfactory response of the unbonded post-tensioned precast jointed wall 
system tested for seismic performance as part of the PREcast Seismic Structural Systems 
(PRESSS) test building, a set of design guidelines was formulated. The primary objective of 
this paper is to evaluate the design guidelines and make appropriate recommendations. The 
test data to date on such systems are those collected during testing of the PRES SS building. 
Hence, this data set has been employed in the validation process. Furthermore, in order to 
validate the design guidelines over a range of lateral drift levels, an analytical procedure was 
first developed by reversing the suggested guidelines. Additionally, because of the equivalent 
stress block concept assumed for the design guidelines, an alternative analysis method was 
also considered, which was based on the monolithic beam analogy (MBA). The validation 
was then performed by comparing the experimental results with results obtained from the 
two analytical methods. Both methods were found to reasonably predict the moment 
response of the wall system, however, utilizing the PRES SS guidelines it was found that the 
neutral axis depth was overestimated by over 100% and the post-tensioning elongation was 
underestimated by 26%. It was also revealed that the frame contributed to the moment 
resistance in the wall direction by as much as 25%. 
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4.2 Introduction 
Structural walls have performed very well in past seismic events [ 4.1] and, with the added 
benefits of precast concrete, are an excellent system for resisting lateral forces. The primary 
limitations of such systems in the United States are the code restriction of designing precast 
concrete structures to emulate the behavior of monolithic cast-in-place concrete structures 
and the lack of design procedures for precast in seismic regions. In consideration of these 
issues, PRESSS set out to improve the use and design of precast concrete structures in 
seismic regions. This paper focuses on a precast jointed wall system used to resist lateral 
loads in one direction of the PRESSS test building [4.2]. The PRESSS wall consisted of a 
total of 4 panels, each 2 ~ stories tall (18. 75-ft) by 9-ft wide by 8-in thick (Figures 4.1 
and 4.2). The panels were joined vertically by 4 unbonded post-tensioning bars (each 0.85-
in2) through each set and were connected horizontally by 20 U-shaped flexural plates (UFP, 
see Figure 4.3) placed along the vertical joint between the panels (Figure 4.2). The vertical 
post-tensioning resists overturning loads and also creates a friction force between the panels, 
along the horizontal interface, to resist shear loads. The UFPs, selected for their ability to 
maintain their force capacity through large displacements, are used as vertical joint 
connectors as well as damping for the wall system that is achieved by flexural yielding of the 
plates [4.3]. During testing the building was subjected to a maximum top floor displacement 
of 11.5-in with minimal damage to the wall, where cracking only occurred at the base 
connection to the foundation, and a low residual drift of only 0.06% [ 4.2]. 
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4.3 Research Significance 
With the absence of any validated design recommendations for unbonded post-tensioned 
precast jointed walls, the primary purpose of this report is to validate the PRESSS design 
guidelines recently published by Stanton and Nakaki for unbonded post-tensioned precast 
jointed walls [4.5]. Additionally, due to concerns of inaccurate estimation of design 
parameters resulting from the use of the equivalent stress block to determine the neutral axis 
depth in the PRESSS guidelines an alternative analysis method was also developed using the 
monolithic beam analogy to overcome strain incompatibility. Furthermore, recommendations 
are offered to improve the proposed design guidelines as well as the alternative method. 
4.4 PRESSS Guidelines and Validation Methodology 
As part of the PRESSS program, a set of design guidelines for unbonded post-tensioned 
precast jointed walls was published by Stanton and Nakaki [4.5]. For the purpose of 
validation, the design guidelines were reversed to provide an analytical method to compare 
with the experimental results of the PRESSS test building. The analysis method described 
herein is based on the use of two wall panels as used in the PRES SS building, although the 
method may be used for wall systems with more than two wall panels. The analytical method 
based on the PRESSS guidelines, illustrated in Figure 4.4, can be summarized as follows: 
1. Define wall dimensions and material properties. This includes: concrete strength 
(fc'), concrete density (Ye) post-tensioning modulus of elasticity (Ep), area of post-
tensioning (Ap), initial post-tensioning stress (fpo), number of panels (n), height of 
wall (hw), length of wall panel Ow), thickness of wall (tw) and connector force-
displacement relationship (Fsc) [ 4.6]. 
1. Define wall dimensions 
and material properties 
2. Select base rotation, e 
3. Determine parameters 
4. Assume post-tensioning force, P 
Yes 
5. Determine forces 
at base rotation e 
No Does P 
converge 
? 
>-----..i Adjust P 
Yes 
6. Compute resisting 
moment of wall panel 
7. Compute resisting 
moment of wall 
system 
Figure 4.4 Flowchart describing the analysis procedure based on the PRESSS guidelines 
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2. Select a base rotation (8). 
3. Determine parameters. This consists of the panel weight (W panel), the total weight on 
one wall panel (W) and the compressive capacity of one wall panel (Cc). 
4. Assume a total force (P) in the post-tensioning tendon, which includes the initial 
post-tensioning force. 
5. Determine forces at base rotation (8), as illustrated in Figure 4.5. Calculate the total 
tension force (N) and the compression force (C), which is based on the UFP 
connector force. The UFP connector force is obtained by an experimental force-
displacement response, which is dictated by the wall end uplift (~enctuplift) [4.6]. 
Additionally, the location the compression force (alw) and the neutral axis depth (11lw) 
are obtained using an equivalent stress block. Calculate the post-tensioning 
elongation (~p) based on geometry and from that calculate the increase in post-
tensioning stress (~fp) and the new tension force (N). Iterate this step until the total 
post-tensioning force (P) converges. 
6. Compute the resisting moment of the wall panel (Mcap,paneJ). Steps 3 through 6 should 
then be repeated for the next wall panel. 
7. Compute the resisting moment of the entire wall system (Mcap,wan) by summing up 
the moment resistance of the individual wall panels. 
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This procedure can then be repeated for multiple base drifts (9) to obtain a moment response 
envelope. 
~end uplift 
N=P+W C=N-Fsc N=P+W C=N+Fsc 
(a) (b) 
Figure 4.5 Conditions at base rotation e: (a) full view, and (b) enlarged view of base 
4.5 Analysis Based on MBA 
The use of an equivalent stress block in the design guidelines to overcome the strain 
incompatibility that exists at the critical section causes concerns with the abilities of the 
analysis procedure to accurately estimate the extension of the post-tensioning bars and 
relative vertical displacement between the wall panels. Therefore, an alternative analysis 
procedure [4.6] was also established based on the monolithic beam analogy (MBA) [4.7, 
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4.8]. The alternative analysis procedure based on the MBA, illustrated in Figure 4.6, can be 
summarized as follows: 
1. Define wall dimensions and material properties. This includes: concrete strength 
(fc'), concrete density (Ye) post-tensioning modulus of elasticity (Ep), post-tensioning 
yield strength (fpy), area of post-tensioning (Ap), initial post-tensioning force (Po), 
number of panels (n), height of wall (hw), length of wall panel (lw), thickness of wall 
(tw) and connector force-displacement relationship[4.6]. 
2. Calculate the decompression point. The decompression point is the point at which the 
post-tensioning stress is overcome by the lateral forces on the wall, resulting in a 
stress of zero at one end of the wall, as illustrated in Figure 4.7. To do this , first 
calculate the stress ( cr0) caused by the initial post-tensioning (Po) and gravity loads 






where I is the moment of inertia of the wall, c is the neutral axis depth Clw/2 for the 
decompression point) and <pe is elastic curvature. 
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2. Calculate decompression point 
3. Select base rotation, 0 
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Figure 4.7 Stress profile at the base of the wall caused by: (a) the post-tensioning and weight 
of the wall, (b) lateral forces on the wall, and ( c) addition of (a) and (b) 
3. Select base rotation (9). 
4. Assume a neutral axis depth (c). 
5. Using equilibrium calculate the forces at the base rotation (9) and neutral axis depth 
(c) as illustrated in Figure 4.8. Utilizing the wall geometry, calculate the tendon 
elongation (~p), from this the increase in post-tensioning tendon stress (~fp) and total 
tension force can be obtained. Similarly, the wall end uplift (~enduptift) is calculated 
using geometry, and with the aid of the experimentally determined force-
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displacement response the force in an individual UFP (Fsco) is obtained (Figure 4.9) 
and multiplied by the number of UFPs (nsc) in the vertical joint to determine the total 
UFP force (Fsc). Finally, using equilibrium the compressive force (C) is calculated. 
liend uplift 
N=P+W C=N-Fsc N=P+W C=N+Fsc 
(a) (b) 
Figure 4.8 Conditions at base rotation 8: (a) full view, and (b) enlarged view of base 
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Figure 4.9 Force transferred through UFP CFsco) as a function ofrelative displacement 
(~enduplift) established for design validation 
6. Using MBA [4.6, 4.8], calculate the extreme fiber concrete strain: 
( B M ) & =C -+--c,ext L EI 
p c ejf 
4.3 
where M is the moment resistance of the wall at the neutral axis depth ( c) and base 
rotation (8), Ee is the modulus of elasticity of concrete, Ieff is the effective moment of 
inertia of the wall and Lp is the equivalent plastic hinge length which is equal to 
0.08hw. 
7. Use the confined concrete model suggested by Mander et. al. [4.9] in conjunction 
with the strain at the extreme concrete fiber to obtain the stress profile. Divide the 
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stress profile into rectangular sections and use Simpon's rule to obtain the confined 
compression force (Cconf) and its location from the wall edge (y). 
At the completion of the confinement model, compare the two determined 
compressive forces to ensure that the wall is in equilibrium. If the confined 
compressive force (Cconf) is not approximately equal to the compressive force 
established by equilibrium (C), then the neutral axis depth must be increased and the 
process (steps 5 through 7) must be repeated until the two forces converge. 
8. Compute the resisting moment of the wall panel (Mcap,pane1). The process should be 
iterated once more to ensure that the MBA (step 6) utilizes an accurate moment in 
computing the extreme fiber concrete strain. Steps 4 through 8 should then be 
repeated for the next wall panel. 
9. Compute the resisting moment of the wall system (Mcap,wa11) by summing up the 
individual panel moments calculated in step 8. 
This procedure can then be repeated for multiple base drifts (8) to obtain a moment response 
envelope. 
4.6 Experimental Data 
The wall direction response in the PRES SS test building (Figure 4.10) was determined by 
multiplying the actuator forces at each floor times the distance from the base to the point that 
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each load is transferred to the wall system and summing these moments up for each of the 
five floors. This enables the analysis to be conducted without considering the additional 
moment effects caused by the actuators. Additionally, it was suspected by Conley that the 
building frame (Figures 4.1 and 4.2) connected to the wall system contributed substantially to 
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Figure 4.10 Observed response of the PRES SS test building in the jointed wall direction and 
data points used to isolate the wall base moment 
Therefore, the data acquired by instrumentation attached to the wall system was used to 
isolate the response of the wall system independent of the attached frame. In isolating the 
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experimental response of the wall system data points were chosen based on first cycle peaks, 
the selected data points are marked in Figure 4.9, and the used wall system properties are 
listed in Table 4.1. 
Table 4.1 Wall System Properties 
Wall Panel Wall Panel 
Pro e Wl/W2 W1R/W2R 
Concrete Stren fc' 7.31 ksi 7.96 ksi 
Wall Hei t (hw) 450in 450 in 
Wall Len h lw 108 in 108 in 
Wall Thickness (tw) 8 in 8 in 
Dead Load on Wall (W) 65.6 ki s 
Initial Post Tensionin Force P0 
Area of Post-Tensionin Tendons A 3.4 in2 4 0.85 in2) 3.4 in2 4 0.85 in2) 
Post-Tensionin Modulus of Elastici (E) 27700 in2 27700 in2 
Utilizing the six instruments connected to the base of the wall measurmg vertical 
displacement (Figure 4.11), both the post-tensioning elongations (~p) and neutral axis depths 
( c) were determined at each data point for both the leading and trailing wall and the wall end 
uplift (~enduplift) was determined at the wall interface (i.e. using the leading wall). The neutral 
axis depth was determined by using the vertical displacement of the three devices attached to 
each wall and the wall geometry, the base is assumed to behave linearly as found by 
Rosenboom [4.11], to establish the contact surface (neutral axis depth) between the wall and 
the grout (Figure 4.12). Similarly, the base rotation (0) was obtained and from this the post-
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Figure 4.11 Plan view of instruments measuring vertical displacement located at wall base 
Figure 4.12 North profile view of instruments at base of wall panel Wl 
Additional instrumentation was used to validate the above geometric data extraction. A 
device located between the two walls along the vertical joint (Figure 4.13) measured relative 
vertical displacement during testing. This device directly measured the wall end uplift 
previously described. The primary difference is that the geometrically obtained wall end 
uplift does not account for the trailing wall pushing into the grout, which will cause the 
geometric data to lie slightly below the data obtained via device Wl VCS, as illustrated in 
Figure 4.14, where at a top floor displacement of 11.5-in the geometric extrapolation was 





Figure 4.13 Location of device WI VCS 
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Figure 4.14 Displacement behavior imposed on UFP connectors during the PRESSS test 
Additionally, utilizing strain gage data from each wall the validation of the geometric 
extraction was further checked. Since the post-tensioning elongation (Lip) is calculated at the 
center of the wall panel and the location of the four bars is actually 4.5-in on either side of 
center, the calculation of the post-tensioning elongation was adjusted to the exact location of 
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the bars containing the strain gage. Then this elongation was divided by the unbonded length 
of the post-tensioning to compare with the data obtained from the strain gages, as illustrated 
in Figure 4.15. At a top floor displacement of 11.5-in the geometric extraction overestimated 
the strain in the leading wall by 5.8% and overestimates the trailing wall by only 1.1 %. 
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Figure 4.15 Experimental post-tensioning strain comparison 
Considering that the wall end uplift was predicted low and the post-tensioning strain was 
predicted high by the geometric extraction, it is possible that the base does not behave 
perfectly linear, as illustrated in Figure 4.16. Furthermore, this assumption may reduce the 
actual neutral axis depth of the wall, where the true neutral axis depth probably lies 
somewhere between the two shown in Figure 4.16. But, due to the limited data available and 
the small difference in predictions, the geometric extraction was deemed suitable for the 
verification process. 
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Assumed profile based on geometric extrapolation 
Profile based on strain gages and device Wl VCS 
Figure 4.16 Wall base profile comparison 
Therefore, with the geometric approach satisfactorily verified, the neutral axis depths and 
post-tensioning elongations at the first cycle peak displacements were plotted against top 
floor displacement and fitted with a curve to describe their behavior during the testing of the 
PRESSS building (Figures 4.17 and 4.18). 
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Figure 4.18 Post-tensioning elongation estimated from test data 
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To determine the behavior of the UFP connectors a series of tests were performed [4.6]. The 
behavior of the UFPs was found to be dependant on the relative vertical displacement 
between the two walls (i.e. wall end uplift), as illustrated in Figure 4.19. Therefore, utilizing 
the fitted line for the wall end uplift, illustrated previously in Figure 4.14, along with the 
force-displacement behavior of a UFP (Figure 4.19), the force in the UFPs can be obtained 
with respect to the top floor displacement of the building. 
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Figure 4.19 Force displacement behavior of one UFP connector 
With a curve established for the neutral axis depth (c), post-tensioning elongation (~p) and 
UFP force CFsc), the tension and compression forces (Figure 4.7) can be determined utilizing 
equilibrium and an equivalent stress block. Thus, the moment response of the wall can be 
isolated. 
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4. 7 Validation of Analytical Methods 
Comparing the isolated experimental moment response, determined from the prev10us 
section, with the PRESSS guidelines and the MBA method (Figure 4.20), it can be seen that 
both analysis methods provide a reasonable prediction. At a top floor displacement of 11.5", 
the PRESSS method is 12.2% below the isolated experimental wall moment and the MBA 
method is only 5.7% below. 
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Figure 4.20 Base moment response envelope 
The two analysis methods, although producing similar moment envelopes, generate different 
results when compared at the section level. Figures 4.21 and 4.22 show the calculated post-
tensioning bar elongation for both the leading and trailing walls along with the experimental 
data discussed previously. The post-tensioning elongation was found to be underestimated in 
both analysis methods. The elongation at the maximum top floor displacement (11.5") in the 
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leading wall is underestimated by 26.0% using the PRESSS guidelines and by 9.9% using the 
MBA method. Likewise, in the trailing wall it was underestimated by 11.4% using PRESSS 
and 8.3% using MBA. This underestimation, primarily of the PRESSS leading wall, is of 
concern since accurate prediction of the post-tensioning force is essential in designing the 
post-tensioning steel. 
This difference in post-tensioning force can be explained by the calculated neutral axis 
depths (Figures 4.23 and 4.24), especially in the PRES SS prediction. The trend of the neutral 
axis depth predicted by the PRESSS recommendations increases as the wall rotates. This is 
contrary to the actual behavior, where, as the wall rotates the neutral axis depth decreases. 
This trend is more accurately portrayed utilizing the MBA method, although this prediction is 
still larger than the experimental results. 
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Figure 4.21 Post-tensioning elongation in leading wall 
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Figure 4.23 Neutral axis depth in leading wall 
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4.8 Base Moment Resisted by Frame 
The remaining moment resistance in the wall direction of the building was investigated by 
using a simple model of the frame in the wall direction using Ruaumoko [4.12]. The frame 
model was constructed by combining the three seismic columns on each side of the building 
into one column on each side, and connecting them with the floor systems. The established 
properties of the columns and floors at each level can be seen in Table 4.2. In determining 
these properties the measured concrete strength was used to calculate the modulus of 
elasticity (Ee) and the shear modulus (G). Also, the moment of inertia (I) in the columns from 
the base to the first floor was reduced to 70% to account for any cracking, while the upper 
four stories and all of the floors used 100% since no cracking was seen during testing. 
Table 4.2 Frame element properties used in the Ruaumoko model 
Member Ee (ksi) G (ksi) A (in2) I (in4) 
Left Column from Base to Floor 1 5500 2300 972 18370.8 
Right Column from Base to Floor 1 5700 2400 972 18370.8 
Left Column from Floor 1 to 5 5500 2300 972 26244 
Right Column from Floor 1 to 5 5700 2400 972 26244 
Floor 1, 2 and 3 3300 1400 2880 15360 
Floor 4 and 5 3300 1400 2545.5 146250.5 
The base moment resistance-base rotation for six seismic columns and two gravity columns 
(Figures 4.1 and 4.2) were modeled first using the MBA method described earlier. This 
approach was possible since they were constructed similar to the walls, the seismic columns 
consist of two post-tensioning tendons (1.25-in2 each) through their centers and the gravity 
columns have mild steel (2-#6's) in addition to the two post-tensioning tendons. The mild 
steel in the gravity columns was handled in the MBA method by adjusting the equivalent 
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plastic hinge length (Lp) to equal 0.08hw +0.15fydb. After the moment-base rotation was 
determined for the seismic columns they were combined together to establish the behavior of 
the columns acting together, 3 on the left and 3 on the right (note that the two gravity 
columns are not used in the model since they do not contribute to the wall direction framing 
action, but will be added to the total moment response later). The combined moment-rotation 
behavior of the columns can be observed in Figure 4.25. 
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Figure 4.25 Column moment-rotation behavior 
The connections between the floors and the columns also had to be modeled for their 
moment-rotation behavior. The connection on floors 4 and 5 (Figure 4.26) consist of 
reinforcing steel between the beam and the floor near the top of the section. A yielding force 
of 245.52-kips was determined by accounting for the 12 bars (located on either side of the 
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frame), the area of each bar (0.31-in2) and the expected yield strength (fye=66-ksi). The yield 
moment was then computed using an equivalent stress block under the condition that the top 
is in tension. Additionally, an unbonded length of 16.6875-in was determined using a 
penetration length into the floor of O. l 5fydb and a distance to the weld in the beam of 10.5-in. 
Using this and the yielding strain (0.0023-in/in) the elongation of the steel was obtained and 
a yield rotation was found. Thus a rotational spring with elastic perfectly plastic conditions 
with a yield moment of 1517-kip-in and a yield rotation of 0.0064 was placed at the joint 
when the top of the section experiences tension and a hinge was placed at the opposite end 
since no moment resistance can be formed. 
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Figure 4.26 Floor to frame connection details used at floors 4 and 5 
The moment rotation behavior at floors 1 through 3 (Figure 4.27) was determined to be 
dependent on the bearing pad supporting the weight of the double tees. The total weight of 
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the double tees at each floor level was determined to be 80-kips, therefore 40-kips on each 
side of the building. Since the connection details include a tie down rod, which keeps the 
double tees from lifting off of the pad, and the fact that no slippage was seen during the 
testing, a coefficient of friction between the steel and bearing pad was estimated at 1.0. 
Therefore, a yield moment of 800-kip-in was established along with a yield rotation of 0.02 
for the rotational spring at floors 1 through 3. 
(() 
. 1 
.\',PLAT[ 5[[ PLAN--~ 
PRECAST DOUBLE 
T[[ STEM --+--_, 
.:0 
1~' 
ASTM A36 I.I) 
'x ' p L 3 / 8 WELDED 0 t -T-+.-~T=c-Hlc-=--CK--=B=-cEA-=R1N~G 
4 L[(; ENDS ONL i by DOUBLE TEE_,__~ 
FABRICATOR 
Figure 4.27 Floor to frame connection details used at floors 1, 2 and 3 
After the model was set up, an inverse triangular push over analysis was performed. This was 
done by slowly increasing the load at each floor level, where the force at the fifth floor is five 
times that of the first, the fourth is four times that of the first, and so on as shown in Figure 
4.28. The individual results for the frame model and the gravity columns as well as the 



















Figure 4.28 Ruaumoko frame model 
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Figure 4.29 Base-moment versus top floor displacement response comparison 
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This increase in moment response is due to two interactions; the moment resistance at the 
base of the seismic and gravity columns as well as the resistance produced by the axial forces 
at the column bases, which produce a moment couple. This moment couple, or framing 
action, accounts for over 8200-k-in, which represents an axial load of 22.9-kips in each 
column at a top floor displacement of 11.5-in. The overall predicted response fell only 2.3% 
below the experimental response at the maximum top floor displacement of 11.5-in. 
Although the analysis uses a simple frame model, it is satisfactory to confirm the accuracy of 
the MBA model for the wall system acting independently. It should be noted that Conley et. 
al. [ 4.1 O] satisfactorily predicted the behavior of the wall direction response without 
accounting for the "framing action". After review of his model, it is suspected that the post-
tensioning force may have been over estimated due to the arrangement at the base of the 
wall. The compressive force was set at a fixed location, which may be satisfactory for design 
purposes, but of more concern is that the contact area in the compression region was not 
accounted for. This leads to an increase in ·the post-tensioning elongation and thus an 
increase in post-tensioning force. Conley's model may be improved by incorporating the 
frame system and more accurately modeling the neutral axis depth. 
4.9 Recommendations 
After completion of the analysis several aspects were investigated to produce a set of 
recommendations. The following two sections cover recommendations to improve the 
PRESSS guidelines and the alternative method based on MBA. 
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4.9.1 Recommendations for the PRESSS Guidelines 
Several improvements are suggested for the use of the PRES SS recommendations [ 4.5]. First 
of all, the strength of the grout (fg') should be greater than the concrete strength (fc'). This is 
important so that the strength of the concrete is used for the basis of the design at the 
base/foundation interface. This is primarily because the confinement effects on grout are 
unknown at this time and therefore the behavior of a weaker grout material would be difficult 
to predict. 
When using more than two walls in the system the intermediate wall( s) should account for 
the force in the UFP connectors along both vertical joints on either side of the panel. These 
two forces should not be considered equal and opposite and thus cancel out since the wall 
end displacements will be different at the end of each panel. This results in two different 
forces on each side and will contribute to the compression force and overall moment 
resistance. 
When designing the post-tensioning tendons, the tendons should be designed for the forces in 
the leading wall and checked for yielding in the trailing wall. This is primarily because, as 
shown in Figures 4.21 and 4.22, the elongation in the trailing wall is greater than that in the 
leading wall. 
Additionally, to take into account the confinement effects of the concrete it is recommended 
to multiply the concrete strength (fc') by a factor of 1.6, along with a ~ 1 value of 0.85 (i.e. 
don't decrease ~1 for use of high strength concrete). Utilizing the increased concrete strength, 
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determine the neutral axis depth using the PRESSS recommendations at a 2% base rotation 
and use this neutral axis depth for base rotations from 0 to 3%, as illustrated in Figure 4.30. 
Along with this, it is recommended to use an experimentally determined force-displacement 
interaction for the UFP connectors, as done in the analysis performed in this paper. Using 
these improved PRESSS design recommendations improves the neutral axis depth prediction 
and, as a result, improves the post-tensioning elongation (Figure 4.31) and moment response 
predictions (Figure 4.32). The post-tensioning elongation in the leading wall improved from 
26% difference to only 6.7% difference at a top floor displacement of 11.5-in and the 
moment response improved from 12.2% to 4.0% difference at the same displacement. 
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Figure 4.30 Neutral axis depth by improved PRESSS recommendations 
128 
Top Floor Displacement (mm) 
0 50 100 150 200 250 300 
1.50 
... Experimental Leading -- • 8 e i.25 
I~-~-
Experimental Trailing / 8 
Improved PRESSS Leading 30 '-' = = .s Improved PRESSS Trailing / .s -~ 1.00 -~ 
= ~ .s = 0 
~ 20 ~ 
~0.75 / ~ = / .5 ·= / 0 / = 
-~ 0.50 / .s "' 
~ 10 5 E-- E--;!. I 
~ 0.25 -"' £ 
0.00 0 
0 2 3 4 5 6 7 8 9 10 11 12 
Top Floor Displacement (in) 
Figure 4.31 Post-tensioning elongation by improved PRESSS recommendations 
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Figure 4.32 Moment response by improved PRESSS recommendations 
129 
4.9.2 Recommendations for MBA Method 
Two improvements could be made to the MBA method: (1) a reduction in the plastic hinge 
length (Lp) [ 4.8] and (2) an improved confinement model for use with high strength concrete. 
In order to test these an adjustment was made to the previously used data points to ensure 
that the neutral axis depth was not underestimated, as illustrated in Figure 4.16. Increasing 
the displacement measured by the device at the compression end of the walls (i.e. device 
WI VBN in Figure 4.12) by 1.5 times was found to more accurately predict the post-
tensioning strain as illustrated in Figure 4.33 when compared with Figure 4.15, while the 
wall end uplift was virtually unaffected (Figure 4.14). Therefore, a reduction in Lp from a 
value of 0.08hw, which is for use in monolithic walls, to a value of 0.06hw was examined and 
found to predict the new neutral axis depth more accurately with the assumption that the 
confinement model does not reduce once the peak stress has been obtained (Figure 4.34). In 
other words, the confinement model behaves as described previously until a value fee' is 
obtained and then maintains this stress until the maximum strain predicted by the MBA 
method. This is done because at high strains the Mander confinement model stress reduces 
resulting in a reduction in compressive capacity and therefore an increase in neutral axis 
depth, but as shown experimentally the neutral axis depth decreases with increased base 
rotation. This improvement can be further observed in Figures 4.35 and 4.36, where the 
improved MBA model predicted the post-tensioning elongation and wall moment more 
accurately. The post-tensioning elongation in the leading wall improved from 9.9% 
difference to only 4.5% difference at a top floor displacement of 11.5-in and the moment 
response improved from 5.7% to 4.4% difference at the same displacement. Therefore, an 
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improved confinement model may be necessary to better predict the behavior of high 
strength concrete and also to apply a reduced Lp value. 
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Figure 4.33 Post-tensioning strain by improved MBA method 
Top Floor Displacement (mm) 
0 50 100 150 200 250 300 
20 500 
18 
... New Experimental Leading 
• New Experimental Trailing 450 
_16 Improved MBA Leading 400 i 
.5 - - - - - Improved MBA Trailing 
350 !, -14 .c ... ... .c 
5-12 ... ... ... 300 c. Q ... ~ Q ·a IO \ • 250 .ra < • ~ 'E 8 \ 200 ~ • ~ ... ~ I. = 6 150 = ~ ' z ' -- ~ 4 • ~------------~ 100 z 
2 • • 50 
0 0 
0 2 3 4 5 6 7 8 9 10 11 12 
Top Floor Displacement (in) 
Figure 4.34 Neutral axis depth by improved MBA method 
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Figure 4.35 Post-tensioning elongation by improved MBA method 
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The following conclusions were made as a result of the study performed within this 
document. For PRESSS: 
• The design guidelines adequately predict the base-moment displacement response. 
• The section level prediction, consisting of the neutral axis depth and post-tensioning 
elongation, results in unsatisfactory results. 
• The improvements suggested more accurately predict the moment response with 
improvements in the neutral axis depth and post-tensioning elongation predictions. 
For the alternative method based on MBA: 
• The method was found satisfactory in predicting the moment response, neutral axis 
depth and post-tensioning elongation. 
• This method may be improved further by use of an improved confinement model for 
high strength concrete in addition to an improved equivalent plastic hinge length (Lp)· 
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Chapter 5: Conclusions and Recommendations 
5.1 Overview 
Structural walls have performed very well in past seismic events. With the added benefits of 
precast concrete, unbonded post-tensioned precast jointed walls are an excellent system for 
resisting lateral forces. The primary limitation in the United States is the code restriction of 
designing precast concrete structures to emulate the behavior of monolithic cast-in-place 
concrete structures. In consideration of these issues, PRES SS set out to improve the use and 
design of precast concrete structures in seismic regions. As a part of the PRES SS research a 
five-story precast test building incorporating an unbonded post-tensioned precast concrete 
wall system was constructed and tested at the University of California at San Diego (UCSD). 
During the testing it was found that the wall-direction moment response far surpassed all 
expectations. With ambitions of implementing this system in practice, a set of design 
guidelines was established for unbonded post-tensioned jointed walls. Utilizing the PRES SS 
design guidelines an analysis method was established (Section 3 .2) for the purpose of 
validation. Additionally, due to concerns of inaccurate tendon elongation resulting from the 
use of the equivalent stress block in the PRESSS guidelines an alternative analysis method 
based on the Monolithic Beam Analogy (MBA) (Section 3.3) was also developed to 
overcome strain incompatibility. 
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5.2 Conclusions 
The following conclusions were made as a result of the analytical investigation based on both 
the PRESSS design guidelines and the monolithic beam analogy (MBA): 
• Use of an experimentally obtained U-shaped flexural plate (UFP) force-displacement 
envelope more accurately predicts the moment response in the analysis of the jointed 
wall system. 
• The base moment-lateral displacement response envelope of the PRESSS test 
building was satisfactorily predicted by both analysis methods. At a top floor 
displacement of 11.5-in, PRESSS was found to underestimate the moment response 
by 12.2% and the method based on MBA was found to be 5.7% low. 
• The PRES SS analysis method resulted in an unsatisfactory prediction of the neutral 
axis depth by over 100% at 11.5-in top floor displacement. This ultimately effected 
the elongation of the post-tensioning tendon by a 26% underestimation. This is of 
major concern since accurate estimation of the increase in post-tensioning force is 
necessary for design. 
• The MBA method was found to be satisfactory in predicting both the neutral axis 
depth and post-tensioning elongation in the wall system. 
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5.3 Recommendations 
Based on observations made throughout this study, it is suggested that the following changes 
be made to improve the method based on PRESSS: 
• At the wall base-foundation interface the grout strength should be greater than the 
concrete strength. This is primarily due to the unknown confinement effects of grout 
and, therefore, the weaker concrete will be the controlling material at the interface. 
• Use of an experimentally obtained force-displacement envelope for the shear 
connector along the vertical joint between wall panels should be used to improve 
design. 
• The force contribution from the UFP connectors on intermediate walls should not be 
assumed as zero, since the force on either vertical joint is not necessarily equal. 
Rather, due to different wall end uplifts, the forces are most likely different. 
• The post-tensioning should be designed for use in the leading wall and then checked 
for yielding in the trailing wall. 
• Still utilizing the equivalent stress block, the PRESSS guidelines should increase the 
concrete strength by 1.6 times to account for confinement effects. Furthermore, the 
neutral axis depth should be calculated at a base rotation of 2% and this neutral axis 
depth may be used for all base rotations from 0 to 3%. 
The following recommendations are for improvement of the method based on MBA: 
• Additional improvements in the MBA method may be obtained by decreasing the 
equivalent plastic hinge length to a value of 0.06 times the height of the wall (hw). 
This reduction is suggested since the value of 0.08hw was established for monolithic 
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walls and due to the observed improvement in the prediction of the neutral axis depth, 
post-tensioning elongation and overall moment response. 
• Use of a confinement model for high strength concrete may further improve the MBA 
method by restricting the neutral axis depth from increasing at higher strains 
associated with increased base rotation. 
5.4 Future Research 
• Further investigation of an accurate equivalent plastic hinge length (Lp) for unbonded 
post-tensioned precast systems should be performed to improve the suggested MBA 
method. 
• Testing of unbonded post-tensioned precast jointed wall systems with different aspect 
ratios should be performed to further validate both the PRESSS guidelines and the 
MBA method. 
